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ABSTRACT

Today many cities have an ambition of densifying the city centre and one solution is
to build taller buildings. However, taller buildings usually require more material per
unit area than lower buildings. In order to minimise the negative aspect of using more
material the engineer can optimise the structure such that less material is needed or
utilise less carbon dioxide intensive materials, such as timber.

Even though Sweden has a long tradition of using timber as a structural material, it is
often disregarded as an option for tall buildings. Instead more conventional systems of
concrete and steel are preferred. However, among clients, engineers and architects
there is an increasing interest of utilising timber, but due to the lack of experience in
using timber in multi-storey buildings it is hard to estimate what consequences an
alternative solution with timber would have on the load bearing system. This makes it
hard to advocate the use of timber in a structural system. The aim of this project was
therefore to develop possible conceptual solutions for medium high-rise office
buildings, where timber is implemented in a mixed structural system. The concepts
developed in the project were evaluated with respect to sectional forces and global
equilibrium, needed size of load bearing elements, differences in vertical
displacements and dynamic response.

The project was carried out in collaboration with the consultant company WSP and
Chalmers University of Technology. Literature studies of structural systems for tall
buildings, timber buildings, timber components, design with regard to fire safety,
dynamic response of buildings and vertical displacements due to creep and shrinkage
were performed. A component study was performed where sizes for different
materials and members were investigated and presented. In the development of
structural systems an existing building in Goteborg was used as a reference building.
Two promising concepts, stabilised with a concrete core, were analysed further and
compared to the reference building.

A mixed solution proved to be promising provided that timber elements are treated
and handled to reduce vertical displacements, the effective span of floor elements is
limited and structural connections are designed to permit differential displacements.
The mixed structural systems proved to obtain higher accelerations than the reference
building.

Key words: Timber buildings, tall buildings, timber, mixed structural systems,
conceptual design, vertical displacements, dynamic response, global
equilibrium
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SAMMANFATTNING

Manga stader har idag en ambition om att fortéta stadskarnan. En satt att astakomma
fortatning ar att bygga hogre byggnader. Emellertid kréver hdga byggnader mer
material per ytenhet jamfort med lagre byggnader. FOr att minimiera de negativa
aspekterna av att anvanda mer material kan konstruktdren optimera stommen sa att
mindre material behdvs eller vélja mindre koldioxidintensiva material, sa som tra.

Sverige har en lang tradition av trabyggnation, men for hdga byggnader utesluts ofta
tra som mojligt alternativ. Istéllet foredras mer konvetionella system av betong och
stal. Det finns dock ett 6kande intresse hos bestéllare, konstruktorer och arkitekter av
att bygga mer med tra. Pa grund av bristande erfarenhet av att nyttja tra sa ar det svart
att uppskatta konsekvenserna av att implementera tra i hogre byggnader. Malet med
projektet var darfor att utveckla mojliga konceptuella l6sningar for hdga
kontorsbyggnader dar trd implementerats i en blandad stomme. Koncepten som togs
fram i projektet utvarderades med hansyn till snittkrafter och global jamvikt,
erforderliga dimensioner hos de olika lastbdrande elementen i stommen, skillnader i
vertikala forskjutningar och byggnadens dynamiska respons.

Projektet utfordes i samarbete mellan konsultforetaget WSP och Chalmers tekniska
hdgskola.  Litteraturstudier — avseende stomsystem for hdga  byggnader,
trabyggnadssystem, traelement, dimensionering mot brand, vertikala forskjutningar pa
grund av krypning och krympning samt dynamisk respons hos byggnader utfordes. |
en komponentstudie undersoktes och presenterades erforderliga dimensioner hos olika
komponenter i olika material. Under utvecklingen av stomsystem anvéndes en
befintlig kontorsbyggnad i Géteborg som referensbyggnad. Tva lovande koncept,
bada stabiliserade med en betongkérna, analyserades ytterligare och jamfordes med
referensbyggnaden.

En blandad stomme visade sig vara ett lovande alternativ forutsatt att tréelement
behandlas och hanteras sa att vertikala forskjutningar minimeras, spannvidder for golv
begransas och att anslutningar utformas sa skillnader i vertikala rorelser majliggors.
De blandade stommarna visade sig fa hogre horisontell acceleration jamfort med
referensbyggnaden.

Nyckelord: Trabyggnader, hdga byggnader, tra, blandade stomsystem, konceptuell
design, vertikala forskjutningar, dynamisk respons, global jamvikt
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Notations

Presentation of all variables occurring in the report, listed alphabetically.

Roman upper case letters

A A A

E

EO,mean
Ec,d
Ec,d

VIl

Cross-sectional area of a member, a concrete member and a timber
member

Elastic modulus

Mean value of the elastic modulus for timber

Mean value of the elastic modulus for concrete

Final mean value for the elastic modulus for concrete

Final mean value for the elastic modulus for timber

Mean value for the elastic modulus for concrete

Bending stiffness at the height x;

Effective stiffness of a composite section

Equivalent lateral load at the i:th storey

Applied shear load on the connectors in a composite floor
Characteristic value for the permanent load

Height of building

Equivalent horizontal force from unintended inclination
Second moment of inertia

Second moment of inertia of a timber-concrete composite section
Turbulence intensity of the wind at the height h

Length of a member

Bending moment in buildings at the height x;

Moment for the first order effects from unintended inclinations

Design moment that takes the second order effects into account for
concrete columns

Field moment

Support moment

Applied axial design load

Tension capacity of a steel member

Theoretical buckling load based on a nominal stiffness and buckling
length of a concrete column

Factor taking the resonance response into account when calculating
acceleration of a building due to wind load
Averaging time for the mean wind velocity

Vertical load from a specific storey when calculating the equivalent
horizontal force from unintended inclination
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W;

Q
Qfire
Qx

Qquasi

Weight of the i:th storey

Designing load combination

Value of the applied load in fire load case
Characteristic value for the variable load
Quasi-permanent load combination

Roman lower case letters

feca

feta

feoa

fari

fr

fma> fema

f m,y,d

Jn
ft,O,d! ft,t,d
fv,d: ft,v,d

f v,mean,d

g

Force coefficient factor of a building
Width of the building

Charring depth for unprotected timber members during fire
Intended initial eccentricity, first order

Eccentricity of the concrete slab in a composite floor section
Eccentricity due to unintended inclination, first order
Eccentricity of the timber beam in a composite floor section
Design compression strength for concrete

Design tension strength for concrete

Design compression strength for a timber member, parallel to its grains
Load bearing capacity for a timber member subjected to fire
Characteristic strength of timber

Design bending strength of a timber member, parallel to its grains

Design bending strength of a timber member, parallel to its grains, in y-
direction

Natural frequency of a building

Design tension strength for a timber member, parallel to its grains
Design shear strength of timber

Design strength of the connectors in a composite floor
Gravitational constant

Self-weight of the roof

Radius of gyration

Reduction factor of the strength for slender timber columns

Reduction factor of the strength for slender timber columns, in the y-
direction

Deformation factor for timber, creep coefficient
Modification factor for fire, timber design

Conversion factor for timber, fire design
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umax

v

Xmax (Z)

Peak factor, used when calculating the along-wind acceleration
Buckling length
Equivalent mass of a building per unit area

Number of supporting columns/walls in the structural system vertically
loaded

Ratios between the modulus of elasticity for concrete and timber
Wind velocity pressure at the height h and for a return period of 5 years
Snow load on the balcony beam

Snow load on the roof

Time a timber member is exposed to fire

Elongation/shortening

Lateral deflection of buildings at the height x;.

Original moisture content

New moisture content

Fibre saturation point for timber materials

Lateral deflection at the i:th storey

Maximum allowed lateral top deflection of buildings
Up-crossing frequency

Along-wind acceleration of a building

Greek upper case letters

A

Shrinkage of timber

Shortening/Elongation due to moisture change
Deflecting modal shape of a building
Combination coefficient for loads combinations
Combination coefficient for loads combinations
Combination coefficient for loads combinations

Greek lower case letters

Total unintended inclination angle

Systematic part of the unintended inclination angle
Random part of the unintended inclination angle
Maximum shrinkage in a certain direction

Factor that depends on the moment distribution from the first and second
order effect, used when calculating the design moment for concrete
columns

Design charring rate
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y Effectiveness of the connection in a composite floor

Ym fi Partial factor for fire in wood

Y6,j Partial safety factor for permanent load

Yo Partial safety factor for variable load

£ Strain
Slenderness of a column

¢ Reduction factor of the permanent load for specific load combination

o Stress

Occ Applied compression stress on a concrete member

Ot Applied tension stress on a concrete member

Oct Applied compression stress on a timber member

004 Applied compression stress on a timber member, parallel to its grains

Ot Applied tension stress on a timber member

Oma, Tem Applied bending moment on a timber member

Omyd Applied bending moment on a timber member, in y-direction

Ot 0.d Applied tension stresses parallel to a timber members grains

Otva Applied shear stress on a timber member

0;:(2) Standard deviation of the along-wind acceleration

Ty Maximum shear stress in a timber beam

o, p(t, t,) Creep coefficient for concrete

Yo Combination coefficient for variable loads in office buildings, ULS

U, Combination coefficient for variable loads in office buildings, load case
fire
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1 Introduction

In this chapter the background, problem description, aim, objectives, limitations and
methodology of the project are presented.

1.1 Background

Since the industrial revolution people have been moving from the countryside to
cities. As more people move into cities the need for densification increases. This is
also the case for Goteborg where the municipality has an ambition to densify the city
centre. As a result of this ambition, some new tall buildings have been built lately. A
building can be considered as tall when it is higher than the normal height of the
surrounding buildings; in Goteborg this is 8-10 storeys (Samuelsson, et al., 2012).
Examples of tall buildings are Skanska’s office building Grona Skrapan, Ullevi Office
where WSP are located and AF’s new office building. There are also plans for a 17-
storey high apartment building at Johanneberg in Goteborg, (Skanska, n.d). At
Lindholmen there are plans of building Goteborg’s first sky scraper,
Karlavagnstornet, which will reach at least 230 metres.

Densification of the city is related to a higher usage of public transportation and
cycling. Together with the possibility to utilise central energy services, densification
can be considered as a sustainable development of the city (SOM, 2013). In addition,
high buildings tend to create densification of people in the streets, which is beneficial
for commerce, public services and entertainments (Samuelsson, et al., 2012).
However, there are also negative aspects concerning sustainability. For example tall
buildings demand more material per unit area. According to SOM (2013) the engineer
has two choices regarding the structural system;

"First, the engineer can try to design a building which minimizes structural material
[...]. Secondly, the engineer can design a building which uses less carbon intensive
materials such as timber.”

In Sweden there have been a long tradition of using timber as a construction material
and today 90 % of the single-family houses are built with timber. However, in total,
half of all housings in Sweden are built with a timber system (Naturvetarna, 2013).
Despite of the strong tradition of using timber and Sweden’s good supplies of timber,
multi-storey buildings in timber are not very common. This is partly due to the
restriction of building timber houses with more than two floors. The restriction lasted
for over a decade until it was abolished in 1994 (Svenskt trd, 2014:b). One way to
increase the use of timber in high buildings might be to combine timber with steel and
concrete in mixed structural systems.

According to Svenskt tré (2014a) the benefits of using timber as a construction
material are numerous. It is accessible, resistant and strong in relation to its density.
Furthermore, timber is generally considered as renewable, sustainable,
environmentally friendly and climate smart.

CHALMERS Civil and Environmental Engineering, Master’s Thesis 2015:129 1



1.2  Problem description

In Sweden, in spite of its benefits, only 10 % of the multi-storey buildings utilises
timber elements as part of the structural system (Ekenberg, 2013). Instead more
conventional structural systems with concrete and steel are preferred. However,
among clients, engineers and architects there is an increasing interest of utilising
timber.

Due to lack of experience in using timber in multi-storey buildings it is hard to
estimate what consequences an alternative with timber would have on the load
bearing system. This makes it hard to advocate the use of timber in a structural
system; hence timber is often excluded as an option to the advantage for concrete and
steel. Therefore the possibility of implementing timber into mixed structural system
for tall buildings was investigated in this project.

1.3  Aim and objectives

The aim of the project was to develop possible mixed structural systems for medium
high rise office buildings where timber is implemented in the structural system.
Furthermore the consequences of implementing timber should be evaluated. Finally
the project should give recommendations concerning where timber is best suited in
such structural systems.

The conceptual solutions with timber should be evaluated with respect to:

needed size of the load bearing elements.

sectional forces and global equilibrium.

differences in vertical deformations of different materials.
the dynamic response.

1.4  Limitations

The main focus should be to develop structural systems suitable for office buildings in
the range of 15 storeys. The effect of implementing timber into other types of
buildings such as residential buildings, schools and hospitals was only to be treated
briefly.

The arguments for and against the usage of a certain timber members were based on
their required dimensions and their structural performance. No investigation should be
made regarding the environmental and economic consequences of choosing timber to
the favour of another material. In addition the construction phase of the building was
not to be investigated. However, proposed structural systems should be possible to
construct.

For the structural system preliminary calculations were to be performed to ensure the
plausibility of the system. The aim should be to develop a conceptual solution, not a
final solution. No calculations were to be made regarding the foundation of the
building. Moreover, architectural aspects and the effect of implementing timber into

2 CHALMERS, Civil and Environmental Engineering, Master’s Thesis 2015:129



non-structural members, such as fagades and non-load bearing inner walls, were not to
be treated in this project.

1.5 Methodology

The project contained a literature study and three sub studies which are a component
study, development of structural systems and a more detailed analysis of the
developed systems. Choices of sub studies have been made together with supervisors
from WSP and from Chalmers.

Literature studies were to be performed in order to increase the knowledge regarding
structural systems for tall buildings, timber buildings and structural timber members.
In addition the literature studies should also include studies of composite floors of
timber and concrete, fire safety, acoustics, vertical displacements and dynamic
response of buildings. The literature study should be the basis for the investigation of
needed sizes, the development of structural systems and when analysing the
consequences of implementing timber in structural systems. As a complement to the
literature studies consultation with experienced engineers at WSP and Chalmers were
to be performed.

A component study was to be performed, aiming to present needed sizes of members
for different materials. The component study should be made as general as possible by
investigating dimensions for different load cases. This study should also provide an
additional basis for the development of structural systems.

When developing structural systems some demands from a reference building should
be used in order to narrow the number of concepts. Lyckholms, a 14-storey office
building, in Géteborg was to be used as the reference building. This building has a
relatively simple geometry and is stabilised by a concrete core. By using a reference
building as benchmark the developed concepts should be more realistic and enable a
comparison with the original structural system of the reference building.

The developed systems should be analysed and compared to each other qualitatively.
The solutions regarded as the best ones were to be investigated further in order to
understand the consequences of implementing timber with respect to other aspects
than the size of the members. Main focus should be to investigate differences between
the concepts and the reference building and not between the different concepts.

CHALMERS Civil and Environmental Engineering, Master’s Thesis 2015:129 3



2 Timber in Tall Mixed Structural Systems

In this chapter arguments for why tall buildings with mixed structural systems are of
interest is presented. Firstly some of the benefits of higher buildings are treated
followed by a section where mixed structures are defined and their benefits are
presented. Thereafter advantages and disadvantages of using timber in the structural
system are presented.

2.1  Densification of cities

Today the global urban population is growing compared to the rural population and
more than 50 % of the population is living in urban areas (WHO, 2015). Sweden has a
higher amount of its population living in cities than the global average. In 2050 the
expected percentage of the urban population in Sweden is around 90% (WHO,
2014a). Today, the three biggest cities in Sweden have a population of 1.7 million
people together. In 2053 this population is expected to have grown to 2.4 million
people, an increase with 37% (Karlsson, 2015).

A problem is that the growing cities will create a need for more area. Therefore many
municipalities have as a goal to densify their cities. Densification enables more land
for agriculture use and reduces the need of transportation (Mostrém, 2013). However,
the population in cities still needs to have access to recreational areas such as parks
and nature. They also need a certain amount of private space. So, when densifying a
city, the process and design of the densification need to be thoroughly planned,
according to Skovbro (2002). There are different ways of densifying a city. It can be
performed by placing buildings closer to each other, exploit uninhabited areas within
the city or making apartments smaller. Each of these solutions is not always
comprehensive with the above mentioned aspects that need to be taken into account
when densifying a city. Therefore, in a city with limited parks and already small
apartments, one solution is to build taller buildings.

2.2  Definition of tall buildings and mixed structures

A building is commonly defined as high if it has at least ten storeys or if it raises a
height of 30 metres. However, whether a building is considered high or not depends
of the context in which the building is located. As can be seen in Figure 1a, a building
with a certain height can be considered as high, if it is built in a city with where it is
taller than the urban norm. Nevertheless, in a high-rise city the same building is
considered to be low. In addition, the appearance of a tall building also depends on its
slenderness. A slender building is often experienced as higher than a stocky building,
see Figure 1b. The definition of a tall building also depends on whether the height of
the building influences the design and planning. For example a tall building
experience higher lateral load due to increasing wind load and therefore bracing is a
product of the tallness (CTBUH, n.d).

4 CHALMERS, Civil and Environmental Engineering, Master’s Thesis 2015:129



(a) (b)

Figure 1 How the appearance of a building depends on its slenderness and
context. (a) Height relative to context (b) height relative to proportion.
Inspiration is taken from CTBUH (2015).

According to Elliot, et al. (2002) published by the International Federation for
Structural Concrete (fib) a mixed structure can be defined as “the use of different
materials and design approaches so that the whole is greater than the sum of its
parts, e.g. precast concrete facade used to stabilise a structural steel frame”. In this
report a mixed structure is defined as a structural system that consists of components
of different materials. Elliot, et al. (2002) also states that today 50% of all new multi-
storey buildings in the western world have mixed structures and according to
Vambersky (2004) the most common mixed structures contain concrete and steel.

In Sweden, one of the tallest timber buildings, Limnologen in V&xj0, has a structural
system that can be considered as a mixed structure. The first storey is made of
concrete to increase the self-weight and thereby improve the stability of the building,
see Section 2.4.2.

Terms like hybrid structures can also be used as a synonym to mixed structures.
However, hybrid systems can also refer to the usage of more than one bracing system
for lateral forces. It is also important to distinguish between mixed structures and
composite structural members. In a composite member, materials are combined to
interact in the sectional response. In mixed structures, units made of different
materials are combined. Also composite members can be included.

According to Vambersky (2004) mixed structures are in many cases the solution
needed to meet the demands from architects, reduce floor depths, to create structures
that are sustainable and to enable a rapid construction. Further on, mixed structures
are more or less by their definition cost-effective, because materials are used where
they are best suited.

Today, steel and concrete are mainly used in mixed structures. In this project the
possibility of utilising timber was investigated. According to Hein (2014) timber is
best used in mixed structures. It is important to acknowledge the weaknesses of
timber to be able to optimise the structure. By using a mixed structure with timber, the
total amount of material may be reduced in comparison with a timber building. This is
mostly the case for taller timber buildings. Hein argues that the best solution
regarding cost-efficiency is to use a stabilising concrete core in a mixed structure with
timber.
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2.3  Timber in structural systems

Today 70% of Sweden’s land area is covered by forest and the forest areal is
increasing since the growth of the forest is higher than the felling. In 2011 Sweden
was the second largest exporter of sawn timber, pulp and paper in the world
(Foreningen Sveriges Skogsindustrier, 2013).

For small houses timber is often regarded as the best structural material. Wood is a
high performance material with high load bearing capacity in relation to its weight. It
is also highly available, easy to handle and possess good thermal properties. Due to its
many benefits, timber has become more and more competitive even for taller
buildings (Féreningen Sveriges Skogsindustrier, 2013).

Despite its many benefits timber is not used as a structural member for more than 10
% of the multi-storey buildings in Sweden today (Ekenberg, 2013). In Roos, et al.
(2009) a qualitative study based on interviews with engineers and architects in order
to map their attitude to using timber in structural systems is made. They mean that the
two main reasons for not using timber is lack of education in the field and that there is
a strong tradition of building with concrete and steel. Engineers and architects believe
that they do not have sufficient knowledge of timber for advocating it for the client or
the contractor (Roos, et al., 2009).

According to Ekenberg (2013) another reason for the absence of multi-storey
buildings in timber is that production capacity is too small. He states that there are too
few market actors with knowledge in timber construction and that the prices are high.
However, there is an increasing interest from clients of building with timber.

2.3.1 Environmental benefits

Today 30 % of the annual greenhouse emissions in the world can be attributed to the
building sector, as well as 40 % of the energy used in the world (UNEP, 2009). Figure
2 shows that the energy used during the manufacturing of materials for a building is
about 22 % of the total energy used during the life cycle of the building (CEI-Bois,
2010). As stated in Section 1.1 the engineer has two choices regarding the structural
system; minimize the structural material and/or use less carbon intensive materials
such as timber.
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Figure 2 Distribution of the energy consumption for a building. Inspired by CEI-
Bois (2010).

If considering carbon dioxide emissions timber is a good substitute to non-renewable
materials such as concrete, steel and masonry. When manufacturing non-renewable
building materials both the extraction and processing demand energy. These building
materials give a positive carbon footprint, while timber gives a negative carbon
footprint. This is since the emissions due to felling, transportation and processing are
small compared to the amount of carbon the timber product itself can store
(Foreningen Sveriges Skogsindustrier, 2013).

Figure 3 illustrates the emissions of carbon dioxide during the manufacturing of
different building materials. The diagram does not account for storing of carbon in
timber products (Féreningen Sveriges Skogsindustrier, 2013).

Carbon dioxide emissions during manufacturing of
different building materials

2500

2000

1500
kg CO,/ton
1000

500

; '

Timber Concrete Masonry Steel

Figure 3 Approximate values for the carbon dioxide emissions during
manufacturing of different building materials Inspired by Foreningen
Sveriges Skogsindustrier (2013).

The Technical Research Institute of Sweden (SP) has investigated the environmental
benefits of using timber in multi-storey timber buildings by performing a life cycle
assessment of different kinds of building systems with the same functions. From the
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results it could be seen that the carbon emission during the construction phase was 60
% higher for a concrete building than for a timber building. This is since timber
members have a lower material weight, which means that they require less energy for
construction, foundation work and transportation (Diego, et al., 2013). However, it is
important to be aware of that the construction phase is contributing to 22 % of the
total energy consumption of a building.

Timber products can easily be recycled after they have fulfilled their purpose in
buildings. For example it can be used for manufacturing of fibre boards. In the final
stage products made of timber can be used as biomass fuel. From an environmental
point of view this is an important advantage, since biomass fuel helps replacing fossil
fuels (Féreningen Sveriges Skogsindustrier, 2013).

2.3.2 Economic and social benefits

Due to its low self-weight timber is cost efficient when it comes to transportation
(Ostman & Gustafsson, 2009). Of the same reason the construction of buildings can
be faster and thereby more cost efficient. The low weight is also beneficial for the
foundation work.

Since multi-storey timber buildings often are constructed with prefabricated members,
the environment around the construction site is less affected. The noise level at the
construction site is often low and since the construction time is short problems with
traffic is limited to a shorter period. This is preferable when building within cities
(Swedish wood, 2012).

In addition, the properties of timber remain unchanged in freezing temperatures and
the construction of timber buildings is thereby possible during winter (Ostman &
Gustafsson, 2009). Moreover, wood has good thermal insulation properties, which
reduce the need of insulation (CEI-Bois, 2010).

2.3.3 Difficulties with timber as a structural member

Timber is today often regarded as a good substitute to concrete and steel due to its
environmental benefits. It is true that timber has less climate impact than for example
concrete, but still timber is also combined with some difficulties that are important to
remember.

When choosing timber for main structural members there are some main difficulties
that need attention. It can be hard to obtain satisfying performance regarding impact
sound insulation in floors. Impact sound arises from footsteps on the floors. These
vibrations have low frequency and therefore are hard to insulate.

Vibrations are limited by increasing the stiffness of the floor. Since timber floors do
not provide the same stiffness as concrete floors, timber floors tend to become high
for long spans which also affect the total height of the building. This is an important
issue to handle for buildings that demand open floor plans, for example office
building in contrast to apartment buildings. For more information about acoustics and
vibrations the reader is referred to Section 4.7.
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Further on, it is important to consider the global equilibrium of timber buildings. The
density of timber is less than the density of concrete; therefore timber buildings are
lighter. This can be problematic when designing tall timber buildings, since a light
structure cannot resist wind loads as good as a heavy building. In many cases it is
therefore necessary to provide such light structures with extra weight or with
anchorage in order to prevent lifting and tilting of the building.

Timber has a high strength in relation to its weight. However, the actual compressive
strength is less than the compressive strength of concrete or steel. The tensile strength
parallel to the grains are greater than for concrete but smaller than for steel. It is
usually necessary to design timber members with larger dimensions than
corresponding members in concrete or steel, which is shown in Chapter 5. Therefore,
by choosing timber members the total building height, the available area on each floor
and the impression of the building might be affected.

In cities it is common with regulations regarding how high buildings are allowed to be
in different areas within the city. If choosing timber there is a risk of losing one storey
due to larger height of the floor structure (Kliger, 2015-02-06). This would affect the
rentable area of the building.

Timber has different mechanical properties in different directions. For example,
timber has higher compression strength parallel to its fibres than perpendicular to its
fibres. Consequently, larger global vertical deformation arises if there are a lot of
members subjected to compression perpendicular to the grains throughout the
building.

When, for example, mixing a concrete core with a timber frame, differences in
vertical movements between the different systems are important to consider.
Shrinkage strain for timber is, as the strength, depending on the direction relative to
the grains and on the change in moisture content. Typical values for the timber
shrinkage strain for each change of 1 % of the moisture content are 0.001
longitudinally and 0.03 tangentially to the fibres (Crocetti, et al., 2011).The shrinkage
is in other words mainly effecting the transverse movements, but for long members
the longitudinal movements can be important to take into account. A common change
in the moisture content can be in the order of 7 %, giving for example a final
shrinkage strain of 0.007 longitudinally to the grains. According to Al-Emrani, et al.
(2011) concrete has a final shrinkage strain in the range of 0.0001-0.0005 which is
smaller than the final shrinkage strain for timber.

Another phenomenon that is affecting the deformations is creep, hence the stiffness of
the material is an influencing factor for deformations. Both timber and concrete creep
when subjected to long term load. Timber is creeping more in a moister environment
or higher temperature. In Eurocode 5 the creep coefficient is a factor named Kkger, the
deformation factor. Common values for this factor are 0.6-0.8, but for the highest
service class it has a value of 2. This factor is used to reduce the elastic modulus. The
corresponding creep coefficient for concrete is usually in the range of 1 to 3, larger
than the creep coefficient for timber (Al-Emrani, et al., 2011).
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2.4  Existing and planned tall timber buildings

In this section some existing timber buildings and some visions for future buildings
are presented. Even though the main structural material of the buildings is timber,
most of the high multi-storey timber buildings have structural components in concrete
or steel making the buildings mixed according to the definition used in this report.

2.4.1 Former timber warehouse in Eslov

The tallest timber building in Sweden is located in Eslov and reaches 31 metres. It
was built in 1918 and initially it was a warehouse for cereal grains, but in 1984 the
activity ended. There was no clear plan for further use of the warehouse and after
many uncertainties the final suggestion was to reconstruct it into an apartment
building. The structural system is composed of massive timber columns and floors.
Originally all storeys had timber in the structural system but due to water damage the
three top floors were replaced by a steel frame (Salomon-Sérensen & Blomgvist,
2011).

2.4.2 Limnologen in Vaxj6

Another, more recently constructed, apartment building is Limnologen in V&xjo with
its 8 floors in total, see Figure 4a. The first floor is made of concrete to give the
structure more weight and simplify the anchorage of the light-weight timber floors
above. Vertical load are carried by the outer cross-laminated walls and some of the
inner walls. In some places columns and beams have been used to reduce long spans.
The building is stabilised by the exterior cross-laminated walls by in plane action. The
floors distribute the horizontal loads to the walls by diaphragm action. From the top
floor down to the first floor there are 48 tension rods going inside of the inner walls in
order to anchor the building with regard to tilting (Stehn, et al., 2008).

(h)

Figure 4 Limnologen, (a) photo of the building (Albrecht, 2009)(b) how the
floor is placed between two wall elements.

One consequence in Limnologen is considerable vertical deformations in the load
bearing CLT-walls. In Limnologen the floors are supported by the CLT-walls as
shown in Figure 4b. This makes the floor loaded in compression perpendicular to the
grain. Vertical deformations arising from this are great in proportion to the total
vertical deformations. Approximately 25 % of the deformations come from
deformations in the floor and the rest in the wall elements (Engquist, et al., 2014).
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2.4.3 Parking garage in Skelleftea

Not only residential buildings use timber as structural members. In 2009 a garage in
Skellefted was constructed. The garage consists of four timber floors above the
ground and two basement floors in concrete. All the columns and beams are made of
glulam and the load bearing slabs are composed of cross laminated timber, solid
boards that are glued together crosswise (Martinsons, 2009).

2.4.4 Statdhaus in London

With eight floors entirely built in timber and one floor with reinforced concrete, the
Stadthaus in London is the tallest residential building in the world today. The
structural system is made of walls and floors constructed with prefabricated cross-
laminated timber panels. In order to facilitate openings and removal of internal walls,
no beams or columns were used in the structure. One of the aims of the project was to
create a sustainable building. This motivated the choice of using cross-laminated
timber, since it provides good insulation, lowers the energy use and is easy to
demolish and reuse (TRADA Technology, 2009).

2.4.5 Treetin Bergen

In Bergen, Norway, a 14 floors and 51 metres high building for apartments is under
construction and will be finished during the autumn 2015, see Figure 5. The entire
load bearing system will be in timber (Sweco, n.d). Glulam trusses are used along the
facade in a framework to stabilise the building against lateral loads. CLT walls, which
do not contribute to the stability or main load bearing system, are used for the elevator
shaft and some internal walls (Abrahamsen & Malo, 2014).

Prefabricated modules of timber framework are stacked on each other in sections of
four and one modules. The first four modules are not connected to the surrounding
load bearing structure. Every fifth floor is strengthened by a glulam truss and the
modules at this storey are connected to the truss and are not supported by modules
below. This strengthened storey carries a prefabricated concrete slab which the
following next 4 storeys are connected to. These storeys are not connected to the
external framework in any other way than through the concrete slab. This pattern
continues for the rest of the building, see Figure 5.

The truss together with the framework and the extra weight from the concrete slabs
provides the building with sufficient rigidity and good dynamic properties. Tension
forces are transferred down to the foundation by the external glulam framework. The
typical dimensions of the columns are 405x650 mm and 495x495 mm. A common
dimension for the diagonals, which only works in tension, is 405x405 mm. These
columns and diagonals form the external framework which is mostly covered by glass
or metal sheeting. These covers protected the framework from rain and sun which
resulted in a climate class 1 for most of the members (Abrahamsen & Malo, 2014).
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Figure 5 Model of the timber building Treet in Bergen, Norway.
(Abrahamsen & Malo, 2014).

2.4.6 Plans and visions for future timber buildings

Outside of Stockholm there are plans of building higher than 14 floors. This building
that would have 22 floors and rise 65 metres can be a reality in 2018. It is an
apartment building designed by Wingardh Arkitekter (Wachenfeldt, 2014).

One of Sweden’s largest housing associations (HSB) wants to build a spectacular
apartment building for their 100 year celebration in 2023. The winning concept in the
architectural competition is a 34 storey high building with timber as main structural
member and concrete for the stabilising stairwell and elevator shaft (C.F. Mgller, n.d).
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3 Structural Systems and Timber Components

In this chapter the common structural systems for high-rise buildings are presented
followed by a description of common structural systems for timber buildings.
Thereafter structural components in timber are presented.

3.1 Loads effects in tall buildings

The loads acting on high-rise structures are vertical loads such as permanent loads,
imposed loads and snow loads and lateral loads such as wind loads. Other effects that
need to be accounted for in the design of structural systems are unintended
inclination, accidental actions. The effect from earthquakes is usually not considered
in Sweden.

3.1.1 Vertical loads

The components resisting vertical loads are columns, cores and load bearing walls.
These components need to be designed for different load combinations since the
vertical load accumulates from the roof level down to the foundation. Hence, the total
vertical load acting on the foundation is the sum of the loads from all the floors above.
The dead weight of a structure can be decreased by using steel and timber instead of
concrete. However, the weight is also an advantage since it helps in resisting against
overturning (Ching, et al., 2009).

If walls and columns are aligned through the whole building the most efficient load
path can be utilised. Deviation from a straight load path results in a redirection of the
load horizontally.

Figure 6 shows some examples of how the vertical load can be carried through the
structure of high-rise buildings (Ching, et al., 2009).

Figure 6 Principle sketch over straight vertical load paths in
structural systems.
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3.1.2 Lateral loads

With increasing height the lateral loads become more important for the design. In
areas where the seismic activity is low, wind is the load that affects the design of
high-rise buildings the most. In this report, the consequences of earthquakes are not
considered. The magnitude of the wind pressure acting on a structure increases with
increasing height. In design the wind loads are assumed to act perpendicular to the
vertical loads.

The wind load will induce shear forces and moments in the load bearing members of
the structure. If the members are not able to resist these load effects locally and
globally the structure can tilt or slide. High and slender buildings are more prone to
tilt than stocky buildings. Sliding can be a problem if structures are not able to resist
the induced shear forces between the building and the foundation. These shear forces
can move the whole building laterally if the shear resistance at the foundation is
insufficient. When considering tilting and sliding of structures the self-weight of
buildings is favourable. This is since the self-weight counteracts the moment and
shear forces. If the self-weight is too low the moment and shear forces can be resisted
by anchoring the structure to the foundation.

For tall buildings there are two types of lateral deformations that need to be
considered in design; shear deformations and flexural deformations. The total impact
of each deformation mode depends on the slenderness of the building. A slender
building is more influenced by flexural deformations and a stocky building is more
influenced by shear deformations, see Figure 7. For buildings with a height-to-width
ratio greater than five, the deformations due to shear can be neglected (Neuenhofer,
2006). However, it is important to be aware of that this simplification is not justified
for rigid frame systems, since they mostly respond to lateral load by shear
deformation regardless of the slenderness.

(-]

Bending deformation  Shear deformation Total deformation
Figure 7 Deformations due to bending and shear for a slender and a stocky
building.

Wind will also induce a torsional moment in the structure which is resisted by the
torsional stiffness of the stabilising members. The torsional stiffness depends on the
geometry and the size of the stabilising members, and is higher if the mass centre and
centre of rigidity do coincide. A structure can be provided with additional torsional
stiffness by bracing units. The torsional stiffness of a structure becomes more
important with increasing height (Ching, et al., 2009).
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When the wind load is considered as a static load the deflections of a high-rise
building can be modelled as a cantilever beam. The taller and more slender the
building is, the larger the horizontal displacement becomes. Wind gusts cause
dynamic effects, which contributes to additional displacements. This action can result
in oscillation, which causes vibration of the building. These vibrations can be
experienced as uncomfortable for people living or working in the building (Ching, et
al., 2009). The dynamic effect from wind load is described further in Section 7.5.

3.1.3 Load effects from unintended inclination

A building is never perfectly straight due to unintended inclination of vertical
members. The global unintended inclination is the sum of the unintended inclination
from all the vertical members throughout the building. The probability that all
members incline at the same direction is small. Therefore, the more members, the less
global unintended inclination is expected. Equation (1) can be used to estimate the
angle of the inclination for the global tilting.

a
Ama = A + 2 (1)

Vn

amq Total inclination angle

Qg Systematic part of the inclination angle

ag Random part of the inclination angle

n Number of supporting columns/walls in the system loaded with vertical loads.

The load effect is determined by changing the inclined building to a perfectly straight
building by adding additional equivalent horizontal forces to account for the effect
from the unintended inclination. When the inclination angle is known the equivalent
forces can be calculated with Equation (2).

H, =V n-ap, (2)

H, Equivalent horizontal force for a specific floor
%4 Vertical force from the specific floor
ang  Total inclination angle

3.2  Structural systems for tall buildings

In the design of structural systems for tall buildings it is important to acknowledge the
lateral loads. The taller a building is the more effect from e.g. wind loads is induced in
the building. Table 1 show the most common structural systems used for tall buildings
and for which heights they are assumed to be efficient. It is important to remember
that these heights are for buildings stabilised made of concrete and/or steel. The
efficient height, if using timber or a combination where timber has an important role,
is not known. If stabilising with only timber members a normal height today is 8-10
storeys. In Bergen however, a timber building of 14 storeys is being built, see Section
2.4.5.
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Table 1 Efficient height for different common structural systems
(Ali & Sun Moon, 2007)

Structural system Efficient height
Shear wall and core braced structures Up to 35 storeys
Rigid frame structures (non-braced) Up to 30 storeys
Braced-frame structures Up to 80 storeys
Tube structures Up to 110 storeys
Core structures with outriggers Up to 150 storeys

3.2.1 Systems with shear walls, coupled walls and cores

Walls that resist lateral loads are referred to as shear walls. They are mostly made of
reinforced concrete, but can also consist of masonry or timber (Cook, 2005).
Reinforced concrete has high stiffness compared to timber, which is an advantage
when designing tall buildings. Examples of timber shear walls are stud walls or
massive timber walls, see Section 3.4.3. Lateral loads are transferred by diaphragm
action of floors to the walls. Concerning diaphragm action distinction can be made
between flexural and rigid actions. The flexural action distributes the horizontal load
with respect to tributary area, while the rigid action distributes the load with respect to
stiffness and location of the walls (Ching, et al., 2009).

When loaded horizontally walls need to resist an applied moment through a force
couple. The stress distribution depends both on the applied moment and the vertical
loads, hence the stress distribution can include both tension and compression or just
one of them (Ching, et al., 2009). Examples of stress distributions are shown in Figure
8. Shear walls are connected to the foundation slab and usually goes all the way up to
the top floor, making the walls very slender. Therefore, shear walls mainly act in
bending when resisting lateral load, as a cantilever beam. Because of the walls high
moment of inertia in their own directions, they provide high stability through bending
stiffness. Shear deformation is almost negligible (Stafford Smith & Coull, 1991).
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Figure 8 Examples of stress distributions in horizontally loaded walls
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As previously described a wall resists bending moments from lateral loads with a
force couple. When using concrete, which has low tensile strength, the need of
reinforcement can be high. One way to reduce the amount of reinforcement is to place
the walls such that they carry as much permanent load as possible. This will reduce
the tensile stresses in the wall and hence also the amount of reinforcement that is
needed (Eisele & Kloft, 2002).

Shear walls can be placed in different arrangements creating different layouts (Ching,
et al., 2009):
e Separately

e Connected in angles (cores)
e Coupled by floors or beams

Separate walls need to be arranged in a certain layout to provide stability. At least
there have to be three walls intersecting in two different points, see Figure 9. The
walls can also be connected to each other forming composed sections. The same as
for separate walls applies, which means at least three wall units intersecting in two
points (Eisele & Kloft, 2002).

When walls are connected and coupled together to form one unit the joints need to
have sufficient rigidity, so that the connected walls act as one unit. The degree of
interaction between wall units can vary from acting as one unit to act as separate
walls, depending on the rigidity of the coupling.

| | OK OK

I_ —l OK I—l OK

I NOT OK —I— NOT OK

(a) (b)

Figure 9 Examples of shear wall arrangements, (a) single walls and (b)
composed sections.

Composed cores of interacting walls have higher flexural and torsional stiffness than a
corresponding core without interaction. The flexural and torsional stiffness depends
also on the rigidity of the connections. The more openings a shear wall has, the more
it will act like a frame (Ching, et al., 2009). It is therefore suitable to utilise cores that
enclose elevator shafts, stairwells or machinery rooms. This is also good according to
fire safety due to the requirement of withstanding fire a certain period of time for
stairwells (Eisele & Kloft, 2002).
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Shear walls placed parallel to each other and coupled to each other by floors are
called coupled shear walls. The provided stiffness from coupled shear walls is higher
than the sum of the uncoupled walls, due to the imposed interaction, which makes the
walls act more or less like one unit.

3.2.2 Rigid frame structures

Rigid frames consist of beams and columns with moment resisting connections. To
achieve frame action the connections must have enough stiffness to keep the angles
between the members constant during load increase (Cook, 2005).

The appearance of rigid-frame systems is often similar to column-and-beam systems,
but the structural behaviour differs a lot. As a result of the moment resisting
connections in a frame structure, lateral loads can be resisted without bracing.
Column-and-beam systems, oppositely, need bracing units that resist the lateral loads
(Shodek & Bechthold, 2008).

Vertical loads acting on a rigid frame are first resisted by the beams that are supported
by the columns. The load is further on resisted by the columns and finally by the
foundation. The loading on the beams create a need for end rotations, but since the
ends are rigidly connected to columns, the rotation cannot occur freely. Due to this
restraint, beams in a frame structure almost behave like fixed ended instead of simply
supported, see Figure 10. This is beneficial, since fixed beams are more rigid, which
leads to less deflection and less bending moments compared to corresponding simply
supported beams. Thereby the beams in a frame structure require smaller dimensions.
However, due to the restraint, the columns need to take both bending moments and
axial load, leading to larger dimensions of the columns (Shodek & Bechthold, 2008).
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Figure 10 A loaded frame and the corresponding reaction forces, moment
distribution and shear force distribution.

A consequence of using rigid frame systems is that the foundation needs to carry an
additional lateral force, since the vertical loads do not only create vertical reaction
forces at the ground supports, but also horizontal reaction forces, see Figure 10. Due
to the frame action the vertical load pushes the columns outwards. This movement is
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prevented by fixing the frame to the ground and thereby creating a restraint (Shodek
& Bechthold, 2008).

Rigid-frame structures can resist horizontal loads provided that their connections are
properly designed; hence they need to be rigid. The more stiff the beam is, the more
horizontal load the structure can withstand (Shodek & Bechthold, 2008). Rigid frame
systems mostly respond to lateral loads in a shear mode regardless of the slenderness.
It is therefore important to consider both the effects of shear deformations and
flexural deformations when analysing rigid-frame systems (Neuenhofer, 2006).

The economic height limit of a rigid frame system is about 30 storeys. Nonetheless,
taller rigid frame buildings can be designed, but since moment resisting connections
are complicated to design, such structures tend to be more expensive when the lateral
load increases (Stafford Smith & Coull, 1991). Only utilising frame action to resist
lateral loads is often inefficient and therefore rigid frame systems often complemented
with bracings (Shodek & Bechthold, 2008). From an architectural point of view
framed-structures are favourable, since they provide the design with minimal
obstruction in the layout.

3.2.3 Braced-frame structures

A braced-frame structure consists of a beam-column system and additional bracing
units. In Figure 11 an example of a braced frame structure and its components are
showed. In a rigid-frame system, the lateral load creates shear in the beams and
bending in the columns. With increasing height of the structure, the bending moment
in the columns become higher, leading to large dimensions (Eisele & Kloft, 2002). An
efficient way to improve the resistance to lateral loads and thereby reduce the amount
of material in the structure is to add additional diagonal bracings. By doing so, the
bracing diagonals resist the lateral load in axial action, which is more efficient than
resisting load in bending or shear. A braced-frame structure can thereby resist the
same loads with less material (Cook, 2005). An economic benefit of using braced-
frame structures instead of rigid-frame structures is that the connections are easier to
manufacture. Instead of moment resisting connections, pin joints can connect the
members in braced-frame structures (Ching, et al., 2009).

When subjected to lateral loads, braced-frame structures behave like a beam with
webs and flanges. The beams and diagonals resist the shear and thereby resemble the
web, while the columns acts like flanges, resisting the moment by a force couple. As
for rigid-frame structures, both shear and flexural deformations need to be considered
in design. Concerning bracing units a distinction can be made between centric and
eccentric bracings.

Braced-frame systems are used for both low-rise buildings and high-rise buildings.
Pure braced-frame structures can reach up to 80 storeys (Ching, et al., 2009).
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Figure 11 An example of a braced-frame structure.

Centric bracing

In a centric bracing system columns, beams and diagonals intersect in one point. A
centric bracing system resists lateral load entirely by the bracing diagonal, hence the
column-and-beam system only needs to be designed for vertical loads. This means
that the dimensions of the beams can be the same independently of the height of the
building (Merza & Zangana, 2014).

There are several types of bracings used for centric bracing systems. Figure 12
illustrates some common ways to brace a structure. The continuous lines symbolise
tension and the dotted lines symbolise compression. Figure 12 has been inspired by
Ching, et al. (2009). The bracing units can resist the lateral loads in tension,
compression or in a combination of both, depending on the design.

B & T~ For a K-bracing, a pair of
X diagonals meet near the
oy S~ midpoint of a column.

Single diagonal bracing
— —_ Fora V-bracing, the pair
of diagonals meet near the
3 \ midpoint of a beam.

A chevron bracing has the

—_ N X-bracing i.s a type — : same principle as the V-
N of d(?uble diagonal \ bracing but the diagonals
% bracing. X are inverted.

Figure 12 Different types of centric bracing.
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Figure 13 illustrates how some of the configurations resist horizontal loads when there
is more than one storey.
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Figure 13 Principle of how different configurations resists lateral load. Dashed
lines symbolises compression and solid lines symbolises tension.

Eccentric bracing

In an eccentric bracing system there is an offset from the connection of the diagonal
brace and the connection between the column and the beam, see Figure 14. This means
that the lateral load is not only resisted axially by the beam, but also via short link-
beams that are formed between the braces and the columns or between two opposing
braces (Ching, et al., 2009). By utilising eccentric bracing some of the frame action of
rigid frames is used to resist lateral load in bending and shear; hence the forces in the
diagonal bracing are reduced. This increases the ductility of the structure and
therefore eccentric bracing systems are preferred in seismic zones where large plastic
deformation capacity is needed. They can also be good when wide openings are
required. However eccentric bracing provides the system with lower stiffness and is
less efficient than centric bracing (Ali & Sun Moon, 2007).

Link-
fEccentr‘Ic brace

— 4

Figure 14 Example of eccentric bracing.

3.2.4 Tube structures

The idea of a tube structure is to place the stabilising members in the facade. Assumed
that the coupling between the composed walls is sufficiently, a large flexural stiffness
can be obtained partly by the great lever arm. The tube behaves like a large composed
section in cantilever action, which is the basic model of a tube structure. When a tube
is loaded by a horizontal force the walls parallel to the force will act as webs and
those perpendicular will act as flanges. Webs resist shear and the flanges resist
bending by their axial response.
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For continuous box tubes the stress distribution between the two flanges varies
linearly and the stress in the flanges are constant. This is, however, not the case for
tubes which always have a behaviour between the “real tube” and a frame, due to
openings in the facade or use of columns and beams. This leads to shear lag, which
makes the middle columns less loaded and the columns in the corners more loaded
(Eisele & Kloft, 2002). Shear lag can be a problem if the normal forces in the corner
columns are becoming too large (Eisele & Kloft, 2002).

For buildings that reach 40-110 storeys, tube structures are a good solution. ”The
Willis Tower” in Chicago is built with the bundled tube- technique and was the tallest
building in the world between 1973 and1998.

Table 2 different tube systems are described.

Table 2 Description of different tube systems.

Tube system

Structural behaviour

Exterior tubes

Rigid frame tubes

Tube-in-tube

Bundled tubes

Braced tubes

Perforated facades, which are not as stiff as shear walls used
for cores, but the greater level arm is compensating (Eisele &
Kloft, 2002).

Rigid frame tubes are made of a rigid frame, see Section
3.2.2.

Two tubes where the exterior tube can be either a perforated
concrete tube or a rigid steel frame and the interior tube is
either a core or a braced frame. The exterior and interior
tubes are coupled by floors to act more as one unit, providing
higher stiffness (Ching, et al., 2009).

Two or more tubes that are connected to each other forming
one unit. This provide a larger stiffness because the bundled
tube have more than two webs, resulting in less shear lag and
higher contribution from the flange planes in resisting
bending (Ching, et al., 2009).

Braced tubes are using diagonals which are by axial stresses
stabilising the system against lateral load and is considered
as the most efficient of all the different tubes (Eisele &
Kloft, 2002).

3.2.5 Core structures with outriggers

An efficient way of stabilising tall slender buildings is to use a core structure with
outriggers. The idea with outriggers is to couple the exterior column to the core,
increasing the capacity of resisting lateral load, see Figure 15. Outriggers increase the
effective depth of the effective cross-section which adds stiffness by forcing the
exterior columns to act in tension and compression. Thereby, outriggers reduce the
bending deformation of the core resulting in less bending moment and lateral
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deflection. Different location of the outriggers has different effects on the behaviour
of the system. Qutriggers located in the upper part of the building reduce the lateral
deflection and outriggers placed in the lower part of the building resist bending
moment (Stafford Smith & Coull, 1991).

Shearwall core

Outrigger \cdumﬂ

Figure 15 Core structure with outriggers connecting the fagade to the centric
located core.

Core structures with outriggers often provide a flexible floor plan. Outriggers can on
the other hand be relatively large and often takes up the space of two storeys. It can
also be hard to couple all the exterior columns to the core. One solution is to use a
truss beam around the exterior columns. Therefore, floors where the outriggers are
placed have limitations regarding the floor plan and windows; hence these storeys are
often used for machinery and installations (Samulesson & Svensson, 2007). However,
outriggers can be an economic solution for very tall buildings, 40 to 150 storeys (Ali
& Sun Moon, 2007). Flexural behaviour is the major response to lateral load. In other
words, core structures with outriggers do not get significant shear deformations
(Stafford Smith & Coull, 1991). As mentioned in Section 3.1.2, the effect of shear
deformation can often be neglected for slender buildings.

3.3  Conventional structural systems for timber buildings

When choosing structural systems for timber buildings it is of interest what kind of
buildings that are to be designed. Different buildings, such as small houses, sports
auditoriums and office buildings have different requirements concerning spans, load
carrying capacity, fire resistance and acoustics. According to Crocetti, et al. (2001)
timber systems can be categorised into three different main categories:

e Panel systems
e Modular systems
e Beam-column systems

If no other source is indicated the information in Section 3.3 is taken from TraGuiden
(2015).
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3.3.1 Panel systems

Load bearing parts in a panel system are plane elements such as wall elements and
floor elements. Panel systems can be subdivided into two different structural systems,
light frame panel systems and solid wood panel systems (Crocetti, et al., 2011). The
main principle for both of the systems is the same. Load bearing walls resist both
vertical and horizontal loads. Floors distribute the effect of horizontal loads from the
fagade to the stabilising walls through diaphragm action.

Light frame panel systems

In Sweden light frame panel systems are common for single-family houses but can
also be utilised in taller buildings. However, today there is a technical limit of seven
storeys due to unaccepted vertical deformations perpendicular to the grain (Crocetti,
etal., 2011).

Light frame walls are composed of vertical studs connected to a top and bottom rail.
The studs have a rectangular cross-section where the thickness in the direction of the
wall is thinnest. Boards are usually placed on both side of a frame wall. The boards
can either be nailed or screwed onto the vertical studs preventing the studs from
buckling in their weak direction. Horizontal intermediate studs can also be used in
order to prevent buckling of the vertical studs. If light frame walls are to be used as
stabilising walls, the studs need a thickness of at least 45 mm. Normally studs are
placed with spacing of 600 mm. Higher stiffness and vertical load bearing capacity
can be obtained with a smaller spacing between the vertical studs.

Since the vertical studs are prevented from buckling in their weak direction the load
bearing capacity is determined with regard to buckling in their strong direction .The
load bearing capacity of light frame walls are calculated with the assumption that the
studs alone resist the normal forces and bending moments.

When designing floor structures in light frame systems the acoustic performance is
usually decisive. In order to prevent disturbing sound and vibrations the floor spans
need to be limited (Crocetti, et al., 2011).

Solid wood panel systems

Solid wood panel systems are composed of solid load bearing wall elements and floor
elements. Often cross-laminated timber is used. According to Crocetti, et al. (2001)
solid wood panel systems are today common in Germany, Austria and Switzerland.
When using solid wood panel systems in areas with a colder climate, such as in the
Nordic countries, solid wood walls are often complemented with insulated light
frames in order to achieve a proper thermal performance.

Solid wood panel systems are well suited for buildings with high demands on load
bearing capacity and sound insulation, for example multi-storey residential buildings.
When using solid wood walls and floors a high load bearing capacity can be achieved,
which enables longer spans and a better stabilisation compared to light frame panel
systems. Another benefit is that walls and floors can be prefabricated to a great extent.
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Today floor elements in solid wood panel systems can span approximately 12 metres.
For offices and schools that sometimes demand longer spans the solid wood panel
system can be combined with interior beam/column lines.

The Swedish timber component manufacturer Martinson is producing a system called
‘KL-tra” (KL-wood), which consists of cross-laminated timber members. Today,
Martinson is able to design buildings with KL-tra up to eight storeys. The maximum
span for floors is 12 metres in their residential buildings. The ‘KL-trd’ system is
stabilised by shear walls (Martinsons, 2014).

3.3.2 Modular systems

Modular systems are composed of prefabricated box modules that are assembled on
top of each other on site. The prefabricated modules enable a fast construction, but the
choice of transportation results in a size limitation of the modules. Commonly a
module measures 8-13 metres in length, 4.1-4.2 metres in width and 3.10 metres in
height.

Another limitation of the modules is the size of openings in the walls. For a four
storey building the length of an opening is limited to 3-3.5 metres. This limitation
occurs due to problems of resisting concentrated forces that occurs in the corners.

Modular systems do not allow for long spans, since the size of the modules and the
possibility of removing internal walls is limited. The system is therefore suitable for
student housings and hotels since these types of buildings generally do not require
large open areas. Today it is possible to build houses with modular systems up to
seven storeys (Crocetti, et al., 2011). However, a 14 - storey building with this system
is under construction in Bergen, Norway. The building is composed of modular
systems within an outer bracing timber frame, see Section 2.4.5.

According to Crocetti, et al. (2001) modular systems can be subdivided into two
different structural systems; light frame modular systems and solid wood modular
systems. Solid wood modular systems are more stable, since the stabilising walls are
stiffer. Another advantage is that solid wood has a higher self-weight, which enables
less coupling between the storeys.

A company that builds modular systems in Sweden is Setra and their system is called
‘Plusshus Moduler’. The modules usually represent one room and are often equipped
with flooring, drywalls, kitchen and bathroom when delivered to the construction site.
According to Setra (2015) the system is fast to construct, faster than panel systems.

3.3.3 Beam-column systems

The principle of beam-column systems is that the vertical load effects are resisted by
columns and beams. This system is normally used, when open spaces are required,
which is common for commercial buildings and office buildings. Timber beams, such
as glulam beams, can be used for spans up to 80 metres. However, timber beams used
for spans around 80 metres are only used for arenas or swimming halls, where the
beams can have large cross-sections (Crocetti, et al., 2011).
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In schools and office buildings a combination of solid wood panel systems and beam-
column systems are often used. For such systems horizontal loads are resisted by
diaphragm actions in massive timber floors and bracing units such as shear walls or
systems with diagonal bracings. If open spaces are required shear walls can be placed
in the fagade or in stairwells and elevator shafts.

The total construction height of a floor structure with continuous beams is often
higher than floor structures with simply supported beams. This is because floor
elements need to be placed above the beams if continuous beams are used. Otherwise
the beams can be connected to the floor element according to Figure 16. If timber
beams are of interest, it is usually good to use glulam beams due the possibility of
increasing their width and thereby decreasing their height (Martinsons, 2006).

(a) (b)
Figure 16 Example of how beams can be placed, (a) continuous beam, (b) simply
supported beams.

If timber is loaded parallel to its grains, the deformations are relatively small
compared to the deformations when loaded perpendicular to the grains.

Glulam members usually do not require extra cover for fire safety. Additionally
glulam has high load bearing capacity compared to other timber products. Therefore
timber could be a good solution for columns.

An example of a beam-column system for multi-storey timber buildings is ‘Tr48’,
which was developed by the company Moelven Téreboda and was introduced in 2009
(Moelven Toreboda, 2015). The system is especially adapted for buildings with four
storeys.

The’ Tra8-system’ is prefabricated and contains timber elements only. Columns and
beams are made of glulam and bracing units are made of glulam combined with the
veneer material Kerto. The floor and roof elements are made of panels of Kerto-Q and
beams of Kerto-S. This provides the floor and roof structures with good properties
regarding deflections, vibrations and acoustics. Insulation is placed in the voids
between the beams. The floor elements are 8x8 metres, which enables an open and
flexible structural system. In Figure 17 the ‘Tra8-system’ is shown.
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Figure 17 The structural system ‘Trd8’ developed by Moelven Toreboda (2015).

3.4  Structural members in timber

In this section conventional structural members in timber are presented. The specific
design of the members depends on the supplier and therefore only the principles
behind the different members are described. If no other source is indicated the
information in Section 3.4 is taken from TraGuiden (2015).

3.4.1 Timber beams

Timber beams are often made with solid sections of structural wood, glulam or veneer
such as Kerto-S. Another type of beams is light beams, which usually have I-sections
or box-sections. The webs and flanges of a light beam are often composed of different
materials. Boards are often used for the flanges and solid wood for the webs.
Structural wood is suitable for short spans up to five metres. When longer spans are
demanded, it is better to use beams of glulam, veneer or light beams.

Rectangular timber beams are often produced with a height-to-width ratio of 4:1or
5:1. The dimensions of a cross-section with a high height-to-width ratio is often
governed by shear capacity, while a cross-section with a low height-to-width ratio
often is governed by the long term deflections.

3.4.2 Timber floors

Floor structures need to resist permanent loads, imposed loads and horizontal loads
from wind. Load effects from the horizontal loads are distributed by floor structures to
the bracing units. However, it is often the performance in the service state that is
decisive. The major challenge is often to limit the height of the floor. The height
depends on several factors in the service state such as vibrations, deflections, fire
safety and acoustics. According to Eurocode 5, CEN (2009), it is therefore important
to design floors such that their eigenfrequency is larger than 8 Hz. It is usually easier
to obtain an acceptable eigenfrequency by having continuous beams and floors
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compared to having simply supported beams and floors, due to less deflection.
However, continuous beams affect the acoustic performance of the building
negatively due to an increase of flanking transmissions.

There are several ways to design timber floor structures for timber buildings.
Generally timber floors can be subdivided into two main systems.

e Solid wood floor elements
e Light weight floor elements

Solid wood floor elements

For solid floors in residential buildings and office buildings the utilisation ratio in the
ultimate limit state is seldom higher than 0.5. Instead floor elements are designed
according to requirements in the serviceability limit state, such as limited
deformations and vibrations (Martinsons, 2006).

Solid wood floor elements are predominantly consisting of massive wood and can be
manufactured in various ways. The different types can generally be subdivided into
plane element floors, cassette floors and composite floors. Common for them all is
that they can be prefabricated to a great extent. According to Martinsons (2006) solid
wood floors are often made of sawn timber, glulam or laminated veneer lumber
(LVL).

Plane floor elements are composed of several timber panels that are glued or
mechanically fastened to each other. The number of boards is uneven and every other
panel is placed crosswise, which provides the floor with a higher stiffness than if all
boards were placed in the same direction. Another benefit is that movements due to
moisture changes are reduced. Plane floor elements can be either continuous or
simply supported. According to Martinsons (2006) the largest recommended span for
glued plane floor elements with one field is 4.6 metres for residential buildings and
4.4 metres for offices.

In order to fulfil the acoustic requirements plane floor elements need to be
complemented with a sound-insulating ceiling. Thermal insulation and services such
as ventilation and sewer can then be placed between the floor and the ceiling
(Martinsons, 2006). Figure 18 presents a plane floor element.

Figure 18 Example of a solid wood floor element (Swedish wood, n.d).
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Cassette floor elements have a composite section composed of a top flange of
crosswise glued panels of solid wood and webs and bottom flanges of glulam, see
Figure 19. Normally a cassette floor element has a width of 2.4 metres and a height of
0.3-0.65 metres. The maximum span of the cassette floor elements that are available
today is 12 metres. The void between the webs can be filled with insulation and
services for ventilation and sewer. Martinsons (2006) states that, since insulation and
services can be hidden in the floor structure, the total height is lower than for plane
floor elements. Cassette floor elements are often complemented with a ceiling that
hides the insulation that is placed between the webs. Compared to plane floor
elements cassette floor elements have a lower self-weight due to the use of webs.

Figure 19 Example of a cassette floor element (Swedish wood, n.d).

Timber-concrete composite floors consist of timber beams with a concrete slab cast
on top, see Figure 20. The principle for these floors is that the timber members resist
tension, the concrete slab resists compression and the connection resists shear forces
in the joint interface. It is important that the connection is stiff enough in order to
obtain composite action. The connection is often crucial for the performance of the
floor structure (Lukaszewska, 2009).

By providing the floor structure with a concrete slab the load bearing capacity can be
increased and spans up to 12 metres can be obtained. The span can be increased
further by the use of reinforcement (Crocetti, et al., 2011). In addition, composite
floors with timber and concrete have higher stiffness and thereby less deflections and
also improved fire safety, acoustics and thermal properties compared to other timber
floors. However, the mass of the floor is increased resulting in a lower natural
frequency (Lukaszewska, 2009).

According to Kliger (2015-03-12) composite floors are common in southern Europe,
especially when strengthening existing timber floors. Today all composite floors of
concrete and timber are manufactured by casting concrete on top of timber beams.
However, the best performance would be obtained if using prefabricated concrete
since shrinkage effects would be minimised. Timber-concrete composite floors with
pre-cast concrete are not available on the Swedish market today.
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Figure 20 Example of a timber-concrete composite floor element.

Light weight floor elements

Light-weight floors are often composed of a load-bearing part and a suspended ceiling
with its own load-bearing structure. The load bearing part of the floor is typically
composed of boards and beams with insulation in between. Structural wood, glulam,
light beams and solid wood are often used for the beams. Examples of boards are fibre
boards, particle boards or oriented strand boards (Crocetti, et al., 2011). Figure 21
shows a typical light-weight floor. Light weight floors are often used in single family
houses and are not commonly used between apartments.

According to Crocetti, et al. (2011) the separation of the load-bearing part and the
ceiling is performed in order to ensure sufficient acoustic performance. If there is no
contact between the ceiling and the load-bearing part vibrations cannot be transmitted.
Thereby a good sound insulation is obtained.
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Figure 21 Section of a light weight floor element.

3.4.3 Timber walls

There are two types of load bearing timber walls available today; light frame walls
and solid timber walls. The latter provides more stability to the structure and higher
vertical load bearing capacity. On the other hand, light frame walls are easier to
insulate, since insulation can be placed inside between the studs. Therefore, if solid
timber walls are used as outer walls, they are often combined with insulated light
frame walls (Crocetti, et al., 2011).
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Solid timber walls elements consist of glued or screwed layers of cross-laminated
timber panels, CLT-panels. Every other panel is rotated 90° to obtain higher stiffness
in the wall, see Figure 22.

Figure 22 Solid timber wall elements (Swedish wood, n.d).

Light frame walls are mostly made of structural timber, but glulam and veneer can
also be used. The studs are prevented to bend out in their week direction by the wall
boards. Studs placed in walls that are considered as stabilising walls should be at least
45 mm thick. The width of structural timber is usually 95-220 mm, while glulam and
veneer studs can be made wider if necessary. In many cases when designing low-rise
buildings, it is not the loads that govern the width of the studs. Instead it is the need of
insulation that determines the width, especially in countries with cold climate. Stud
spacing is usually 600 or 450 mm, but can be decreased to increase the load bearing
capacity if needed. Figure 23 shows a typical light frame wall.
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Figure 23 A light frame wall element (Swedish wood, n.d).

As described in Section 2.3.3 timber subjected to compression perpendicular to the
grain results in large deformations. Therefore stud walls which have two members
subjected to compression perpendicular to the grains for each element may be less
suited than CLT-walls for taller timber buildings.
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3.4.4 Timber columns

Columns are often used in timber buildings as a part of the primary load bearing
system. Columns that are placed in walls can be braced against buckling in one or two
directions. Detached columns on the other hand need to be designed with regard to
buckling in all directions. Because of this, it is often beneficial to choose a square or
circular shape of the cross-section for a detached column. However, structural timber
and glulam are mostly provided in rectangular shapes. These are the two timber
components that are the most common ones for columns. Structural timber can only
have cross-section dimensions up to 250 mm. Glulam, on the other hand, can be made
with larger cross-sections. The width of the lamellas is limited to 215 mm. However,
according to Carling (2001) lamellas can be nailed, screwed and/or glued together in
order to obtain larger widths. The cross-section of glulam columns can also be made
in different shapes; I-, T- or L-shapes are possible.
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4 Design Principles

The calculations presented in Chapter 5 and Chapter 6 have been performed in
accordance with the general principles presented in this chapter. Design principles
with regard to fire, acoustics and vibrations are also included in this chapter. For more
information about the detailed design procedures the reader is referred to Eurocode
unless another source is specified. In this chapter the design principles of members
that have been designed on the basis of tabulated values are not described.

4,1  Compressive resistance of slender members

When designing columns according to Eurocode the columns can be considered as
either slender or non-slender. If a column is slender load effect increases due to
structural deformations, which is called second order effect. The slenderness of
columns is calculated using the buckling length according to Equation (3).

1o 17 3)
lo Buckling length

i = \g Radius of gyration

According to part 1-1 of Eurocode 5, CEN (2009), timber columns that are not loaded
horizontally should be designed to fulfil Equation (4).

Omad
r _s1 (4)
ke fc,O,d
Oma Bending moment
feo.d Compressive strength
k. Reduction factor of the strength taking the slenderness of the column

into account

According to part 1-1 of Eurocode 2, CEN (2008b), slender concrete column sections
should be designed for the combined effect of normal force and bending moment
where the design moment should take the second order effects into account, see
Equation (5) and Equation (6).

B
Mpa = |1+ | Mosa ©
Nga
Moga = Nea(eo + €;) (6)

N, is the theoretical buckling load based on a nominal stiffness and the buckling
length of the column. Mogq is the first order moment due to unintended inclination and
intended eccentricities and transverse loads. Ngq is the normal force and g is a factor
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which depends on the moment distribution from the first and second order effects. If
there is no intended eccentricity or horizontal load e, becomes zero.

4.2 Tensile resistance of members

Columns and especially bracing components can be subjected to tension. For
members that experiences both compression and tension, the former is in most of the
cases the governing effect. However, the tensile capacity needs to be checked. For
steel and timber this is done in similar ways. According to part 1-1 of Eurocode 3
CEN (2008a) and part 1-1 of Eurocode 5, steel is designed with respect to an axial
force, while timber is designed with respect to an axial stress. Equation (7) presents
the design criterion for steel and Equation (8) presents the design criterion for timber.

N
Fd_ 4 (7)
Nt ra
0t0d < froa (8)
Ngq Applied normal force
Nt ra Tensile resistance
Otod Tensile stress
ftoad Design tensile strength

4.3  Design of timber beams

The design process of timber beams includes verification of deflections, bending
resistance and shear resistance. According to part 1-1 of Eurocode 5 timber beams are
designed with regard to bending according to Equation (9).

@S 1 )

fmd

Oma Bending moment
fma Bending capacity

The maximum normal stress in timber beams can be obtained by Navier’s formula.
For a simply supported beam with uniform load the maximum stress is found in the
mid-span. The shear stresses are checked according to Equation (10).

Ta < foa (10)

7d maximum shear stress in the beam

The final deflections with regard to time dependent effects are obtained by
multiplying the initial deflections with a factor of 1+Kkges taking the creep deformations
of the timber beam into account. The coefficient kqer depends on the service class. In
this project the criterion for the deflections was set to the effective span divided by
400.
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4.4  Design of timber-concrete composite floors

In this project design recommendations developed by Linden (1999) were used in the
design of timber-concrete composite floors. The basis of this method is presented in
this section. For further description of the method, the reader is referred to Linden
(1999).

The design recommendations are based on linear material behaviour and cover
composite action between solid timber beams and concrete slabs. In order to obtain
linear material behaviour the timber beams must be of ordinary strength class. If
higher strength classes are used, nonlinear behaviour must be considered, preferably
by FEM models. The design recommendations are valid for concrete strength classes
between C15 and C35.

beﬁ‘

Concrete

< .
Sawn timber

Figure 24 Example of a timber-concrete composite floor

For the verification of the load capacity, the floor structure is regarded as a simply
supported T-beam with an effective width of the concrete slab, see Figure 24. For
timber-concrete composite beams the dimensions are often governed by creep
deformations. Therefore, creep is taken into account by reducing the mean value of
the elastic modulus. The creep coefficients are determined according to Eurocode 2
and Eurocode 5. For timber, the creep coefficient can be taken as k4. in combination
with long term load. The expressions for the effective elastic modulus at a certain
time are presented in Equation (11) and Equation (12).

E . = EO,mean (11)
“CT 1+ kger
E
E,, = : _C|_m(p (12)

Since the beam is composed of two materials the effective bending stiffness needs to
be computed. This is performed according to Linden (1999). The principle behind the
equation is that the transformed cross-section is defined on the basis of one of the
materials, in this case timber. The other material, the concrete slab, is weighted by the
factor n., and thereby transformed into equivalent timber material, see Equation (13).
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Elyp = Epgllior + v - (NeAce? + Ace)] (13)

E:; Modulus of elasticity of timber

I,  Second moment of inertia of timber and transformed timber section
y Effectiveness of the connectors

n.  Ratio between the moduli of elasticity of concrete and of timber

A, Cross-section area of the concrete slab

ec Eccentricity of the concrete slab in relation to the neutral axis

A, Cross-section area of the timber beam

e; Eccentricity of the timber beam in relation to the neutral axis

When the effective bending stiffness is obtained, compression, tension and shear
stresses in the composite beam section can be calculated and checked in the ultimate
limit state, see Figure 25.

Gc_.c

Figure 25 Example of stress distribution in a timber-concrete composite beam.

Oce < ferd Design compressive strength of concrete

Oct < feta Design tensile strength of concrete

Ote < ftma Design bending strength of solid timber, parallel to grain
Oct < ftta Design tensile strength of solid timber, parallel to grain
Oem = fema Design bending strength of solid timber, parallel to grain
Otva < ftva Design shear strength of solid timber

It is also important to check the shear capacity of the connection at the joint interface.
The maximum shear force in the connection should fulfil the requirement below.

fo.a = fomeand Design strength of the connectors

In addition floor structures have to be designed with regard to the performance in the
serviceability limit state, which concerns final and instantaneous deflections,
eigenfrequency and velocity response. For timber-concrete composite beams this can
be performed according to part 1-1 in Eurocode 5, CEN (2009). In this project the
limit of deflections was set to the span length divided by 500 and the eigenfrequency
for timber-concrete composite floors had to be higher than 7 Hz.
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45  Design of walls

For the component study the thickness of the wall was determined under the
assumption that the walls are carrying load vertically and they are not contributing to
the global stability of the structure. However, the wall needs to resist the load effects
out of its plane from wind that acts locally on the wall.

When designing walls for vertical compression, the region between the windows can
be assumed to behave as a column. The calculation principle is the same as described
in Section 4.1, but for outer walls the out of plane effect of horizontal loads from the
wind needs to be considered. Hence the resistance for the combined axial load and
bending needs to be checked. The column part of timber walls should be designed to
fulfil the criterion for combined axial compression and bending according to part 1-1
in Eurocode 5, see Equation (14).

Oc,0,d + Om,y,d

<1 (14)
kc,y * fc,O,d fm,y,d

004 Applied compression stress parallel to grains
Omyd Applied bending moment

ke, Reduction factor taking slenderness into account
feo.d Compression strength parallel to grains

fmy,a Bending strength

The load bearing capacity of the column part of concrete walls needs to be checked
with regard to second order moment according to Equation (5) in Section 4.1.
However, the effect of the wind results in an intended initial eccentricity (e,) that is
added to the eccentricity due to unintended inclination (e;). Hence the first order
moment is calculated according to Equation (6).

The part of the wall above the window can be regarded as a beam and needs to be
checked with regard to bending, shear and deflection. For the component study the
load effects from wind was then disregarded. This simplification was made, since the
wind load proved to have a small influence on the total load and the utilisation of the
beams proved to be low.

4.6  Design with regard fire

If no other source is indicated Thor (2012) has been used as source.

When designing buildings with regard to fire load they can be divided into different
building classes depending on the required need of protection. The building classes
are Br0, Brl, Br2 and Br3 and are depending on the number of storeys and the activity
in the building. Br0 has the highest requirements and Br3 has the lowest.

Moreover , the different components of a load bearing structure is divided into
different fire safety classes, which depends on the risk of serious injury in case of a
collapse of a certain structural member. The fire safety class of a structural component
is ranked from one to five, where one equals minor damage and five equals very large
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damage. When deciding the fire safety class for a certain structural member, the
building class needs to be taken into account. This means that the same structural
member can have different fire safety classes depending on the type of building it is
intended for.

Each fire safety class gives a requirement for the load bearing capacity in case of a
fire. This requirement is indexed R (resistance) and the number after indicates how
many minutes the resistance has to be maintained during a fire scenario that follows a
standard fire curve. Furthermore, the required number of minutes depends on the
expected amount of fire load in the building and the fire safety class. A fire load less
than 800 MJ/m? is often assumed for offices, schools, residential buildings and
comparable fire cells.

Therefore, in the component study and in the development of structural systems, the
fire load was assumed to be less than 800 MJ/m%. All components were assumed to be
in safety class 5. Hence, the components needed to be designed for the standard fire
resistance R90.

4.6.1 Load combination in design with regard to fire

The load case for verifying resisting in case of fire assumes lower loads, partial
coefficients and load factors than the load combinations for design in the ultimate
limit state, see Equation (15). The load combination for the load case fire is found in
Eurocode 0, CEN (2010a).

Qfire = Z G+, Qg (15)

k=1

Gy Characteristic value for the permanent load
Qy Characteristic value for the imposed load
U, 0.5 for office buildings

4.6.2 Behaviour of building materials subjected to fire

General for all materials is that the strength is reduced when the material is heated. In
the case of fire the cross-section of steel and concrete remains constant, while the load
bearing capacity of the component is reduced.

During a fire the temperature in the concrete and the reinforcement increases and the
load bearing capacity is reduced. Since a concrete member often has a high mass and
heat capacity, the heating is often slow, especially when compared with the heating of
steel. The core of a concrete member remains cool longer than the outer layers and
thus retains its strength.

For concrete members loaded in bending, such as floor slabs and beams, the reduction
of the strength of the reinforcement is decisive. In order to fulfil the requirements for
load bearing capacity the concrete cover needs to be thick enough.

By ensuring that the concrete cover is thick enough the temperature rise in the
reinforcement can be delayed, which means that it takes longer time before the
concrete member loses load bearing capacity. For members in compression, such as
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walls and columns, it is the reduction of the strength of the concrete that is decisive.
In contrast to beams and slabs the thickness and dimensions of the member is then of
importance.

Steel has a high thermal conductivity and in comparison with concrete the cross-
section gets an evenly distributed temperature relatively fast. Therefore steel members
often demand some kind of additional fire protection, especially if the demand for the
standard fire resistance is high.

The behaviour of timber members differs from steel and concrete, since the cross-
section does not remain constant. Instead the cross-section is charred gradually. The
charred part of the cross-section is assumed to lack load bearing capacity, while the
non-charred part has full capacity. Hence, the remaining part of the cross-section after
a certain time period needs to be able to withstand the loads.

4.6.3 Design of concrete members with regard to fire

In Eurocode 2 there are three different design methods for the load bearing capacity
with regard to the load case fire; table values, simplified calculation methods and
advanced calculation methods. According to Thor (2012) the most common
alternative is to use table values and therefore this method was used in the component
study. The tables provide the minimum cross-sectional dimensions and cover
thickness for a concrete member with regard to a certain standard fire resistance and
utilisation ratio at the load case fire.

For the component study values for the dimensions were taken directly from Thor
(2012), these values are based on values according to part 1-2 in Eurocode 2. For
further details on the conditions for the tabulated values the reader is referred to Thor
(2012).

4.6.4 Design of steel members with regard to fire

As for the design of concrete members there are several methods presented in
Eurocode for determining the dimensions of a steel member with regard to fire. These
are described in part 1-2 in Eurocode 3, CEN (2010b). For the component study and
the development of structural systems tabulated values for fire protection of steel
members were used.

Due to the high thermal conductivity of steel, the whole cross-section becomes heated
fast. In order to prevent heating and thereby delay the reduction of the load bearing
capacity steel members are often covered with either board material such as gypsum
or rock wool or painted with fire prevention colours. It is also a possibility to integrate
the steel members into walls or floor structures. In this project it was assumed that fire
gypsum boards are used in order to ensure that the steel members fulfil all
requirements regarding fire protection. Values for the thickness of the fire protection
were taken from Gyproc (2010).
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4.6.5 Design of timber members with regard to fire

The load bearing capacity of a timber member during fire is calculated according to
part 1-2 in Eurocode 5, CEN (2010c), by reducing the cross-section with a charring
depth. The remaining cross-section needs to withstand the design load from the load
combination for fire.

The charring depth is calculated with regard to the fire exposure time and the charring
rate. For a timber member that is unprotected during the whole fire exposure time the
charring depth is calculated according to Equation (16).

dchar,o =Py Xt (16)

Bo Design charring rate [mm/min]. (0.65 for glulam, LVL and massive timber
made of coniferous wood or beech)
t Exposure time [min]

The design strength of a timber member subjected to fire is determined according to
part 1-2 in Eurocode 5, see Equation (17).

fd,fi = kmod,fi ’ kfi f—k (17)
Ym fi
kmoa,fi Conversion factor for timber
ki Modification factor for fire (1.25 for solid wood, 1.15 for glulam and
1.1 for LVL)
fr Characteristic strength
Ym fi Partial factor for wood in fire design (recommended value y,, ; = 1)

4.7  Design with regard to acoustics and vibrations

If no other source is specified the information in this section is taken from Hagberg
(2010).

Sound is a phenomenon caused by pressure differences in the air. The sound level is
measured in decibel (dB), where 0 dB is approximately the lowest audible sound level
for humans and an increase of 10 dB corresponds to a perceived doubling of the
sound. Furthermore, different frequencies for the same sound level results in different
perceptions of humans. A sound source that is located 0.5-1.0 metres from a person
gives a sound pressure level, which has a larger part coming from reflecting sounds
than from the direct sound. Therefore, the amount of absorbers decides how the sound
environment in a room is perceived (Ljunggren, 2011).

Sound can be divided into two parts, airborne sound and impact sound. Airborne
sound comes from talking, stereos and TVs, while impact sound arises from footsteps,
scratches from chairs and thuds. Light weight buildings, such as timber buildings, can
obtain good insulation against airborne sound for higher frequencies. In contrast, it is
hard to obtain a good solution that has acceptable performance regarding impact
sound and low frequency airborne sound.
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When a person walks or jumps on floors, vibrations are induced and the floors sag.
Timber floors are more prone to vibrate and sag than concrete floors, due to a lower
flexural stiffness. From the vibrations in the floor impact sound will arise. For timber
floors this sound will usually obtain lower frequencies than sound from concrete
floors. Further on, the sound level from timber floors will be higher due to larger
vibrations.

Floors are regarded as light structures, if the self-weight is around 100 kg/m?, and

heavy, if the self-weight is approximately 300-350 kg/m?. Timber floors are usually
regarded as light floors, while concrete floors are regarded as heavy. Hence, timber-
concrete composite floors are somewhere in between heavy and light-weight floors.

The acoustic performance of light weight buildings is hard to predict, since there are
no standardised calculation methods. A sufficient acoustic performance is generally
easier to obtain for walls than for floors. When designing light weight floors it is
mostly hard to obtain a good impact sound insulation and reduce oscillations,
especially if the floor has a long span or has a low fundamental frequency. Therefore,
it is good to reduce the floor span, if possible, and to increase the fundamental
frequency of the floor by increasing the stiffness or decreasing the mass. A thumb of
rule in an early design stage is to assume that the height of the floor is at least 500
mm.

Generally it is recommended that the design with regard to acoustics and vibrations
includes calculations concerning deflection and dynamic response for all light-weight
floors. The deflection should be determined both for a static load and a dynamic
impulse load. For the static load the deflection should be less than the span divided by
500. According to part 1-1 of Eurocode 5, CEN (2009), a good timber floor design
concerning vibrations is to ensure a

e fundamental frequency of at least 8 Hz

e maximum instantaneous vertical deflection of 1 mm with 1 kN point load

e unit impulse velocity response less than 120 m/(Ns?) where f is the
fundamental frequency and ¢ is the modal damping ratio

Hagberg (2010) sets other criteria:

e fundamental frequency of at least 16 Hz
e maximum instantaneous deflection of 1 mm with 1 kN concentrated load

For large spans the criteria from Hagberg (2010) are hard to fulfil without extensive
measures. The span can either be shortened, the height of the beam can be increased
or transverse stiffeners can be used.

Another phenomenon that needs to be considered is flanking transmissions, which
arise when a sound travels through structural components into an adjacent room. The
flanking transmissions can be prevented by avoiding continuous members between
rooms and by avoiding stiff connections.
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5 Component Study

In this chapter the results from the component study, where needed dimensions for
different structural members were analysed, are presented. The outcome of the
component study formed the basis for the development of the mixed structural
systems. Dimensions are presented in tables and more information about the
components, utilisation ratios and calculations are presented in Appendix A.
Principles for the design calculations are presented in Chapter 4.

5.1 Methodology and assumed conditions

The component study was performed according to methods in Eurocode. However,
standardised values for dimensions have been used, when such are available. Values
for prestressed concrete members were taken from Svensk Betong (2015a) and values
for steel members were taken from design tables from Tibnor AB (2011). In addition,
values for the structural height for timber and concrete floors were taken from
Martinsons (2006) and Svensk Betong (2015b). These standardised values are
determined according to Eurocode. On the other hand, for composite floors there exist
no tables or diagrams over standardised dimensions. Calculations were therefore
necessary in order to obtain dimensions of the composite floor. A method based on
the research of Linden (1999) was then used, see Section 4.4.

Design values for loads in the ultimate limit state were calculated according to
Equations 6.10a and 6.10b in Eurocode 0, CEN (2010a). The calculations include
permanent actions, such as weight from load bearing components and installations
and variable loads, such as imposed load from office areas including load from
partition walls. All loads were considered to be unfavourable and the design value for
the loads was calculated as the maximum of the two expressions in Equation (18).

| Z Y6,jGrj + VoWo Ok
Q = max (18)
Z fﬂ/G]Gk] + yQQk
1>1
Gy, Permanent actions: weight of load bearing parts + installations
(0.5 kN/m?)
Qy Imposed loads: office load (2.5 kN/m?) + partition walls (0.5 kN/m?)
Ye,; = 1.35  Partial safety factor for permanent load
Yo =15 Partial safety factor for variable load
§; =0.89
Y, =07 Category B: offices
For the calculations in the serviceability limit state a quasi-permanent load
combination was used according to Eurocode 0, see Equation (19).
Qouasi = Z Gr,j +¥oQk (19)
i
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All dimensions were compiled with regard to normal spans, influence areas and loads
from office buildings. However, in order to cover more cases, a couple of spans and
loads were evaluated for each structural member. The weight of the floor structure
was assumed to be 2 kN/m?, which corresponds to a heavy timber floor.

The different members of the component study were analysed with regard to their
performance in the ultimate limit state, the serviceability limit state and in the case of
fire. For timber and concrete members, the dimensions were increased in cases where
the members did not fulfil the requirements for fire. On the other hand, steel members
are covered with fire gypsum boards with a thickness of 15.4 mm. The amount of
layers needed for a certain steel member depends on the circumference and the
thickness. Values for the fire protections were taken from tables from Gyproc (2010).
The number of gypsum boards needed for a certain steel profile is presented in
Appendix A6.

5.2 Columns

Dimensions of timber, concrete and steel columns were evaluated with regard to a
number of vertical loads from 0.5 MN to 7 MN. By varying the load, the effect of the
choice of material can be evaluated. For example, 6 MN corresponds to the load from
a tributary area of 52 m?, i.e. a span of 7.2 metres, on a column on the bottom floor in
a 15-storey building. The height and buckling length was set to 3.6 metres.

Initially, both glulam and solid timber were evaluated according to the principles in
Section 4.1. However, the load bearing capacity of solid timber columns proved to be
too small for all the loads investigated. Strength class L40c was chosen for the quality
of the glulam columns and standardised sizes of the lamellas were used, see Figure
26. For the concrete columns, strength class C30/37 and 16 mm reinforcement bars of
type B500B were chosen. The resistance against axial load and bending moment
including second order effects was calculated according to the principles in Section
4.1. All the concrete columns were assumed to be quadratic with reinforcement
arranged according to Figure 26. Dimensions of the steel columns, HEA and VKR,
were taken directly from tables from Tibnor AB (2011). The dimensions were chosen
with regard to buckling in the weak direction.

z
A

>y

i
i

Figure 26 Cross-sections of the different columns investigated, reinforced
concrete, glulam, HEA/HEB and VKR.

Concerning resistance against fire, steel columns were covered by fire gypsum boards
on all four sides. For vertical loads of 0.5 MN and 1.0 MN the dimensions had to be
increased with regard to fire for the concrete and glulam columns. The concrete
columns have a cover thickness of 50 mm and the utilisation ratio for load case fire is
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around 0.5. According to Thor (2012) the minimum column width of 300 and a cover
thickness of 45 mm are enough to satisfy the demands in class R90.

A summation of the dimensions for the different columns is presented in Table 3. The
size of the VKR columns is the smallest for all load cases. For a vertical load up to 2
MN the dimensions of glulam, HEA and concrete columns are approximately the
same, but then the dimensions of the glulam columns become considerably larger.
However, for the HEA columns the dimensions increase fast with increasing loads.
This is since Tibnor AB (2011) does not provide widths larger than 300 mm. The
dimensions of the VKR-profile increases up to 5 MN and then the dimensions
decreases, since thicker profiles are chosen and fewer gypsum boars are necessary
according to Gyproc (2010). If cross section area is the decisive parameter, the same
profile used for 6 MN can be used for 5 MN. Appendix Al presents the calculations
performed for the timber columns. In Table 3 some dimensions are followed by an (f),
which means that the load case of fire was the desicive design situation.

Table 3 Summation of the needed dimensions for different columns depending
on the vertical design load.

Vertical loads Glulam HEA VKR Concrete
L40c S355 S355 C30/37

0.5 MN 280x270 (f) 222x214 162x162 300 x300 (f)

1.0 MN 330%270 (f) 262x252 212%212 300 x300 (f)
2.0 MN 330%360 322%312 242%242 324%324
3.0 MN 430x405 362%352 312x312 374x374
4.0 MN 430540 362x452 312x312 412x412
5.0 MN 570%540 362x502 412x412 458x458
6.0 MN 645%540 362%652 331x331 495%495
7.0 MN 645%630 362x852 381x381 534x534

According to the results from the component study, the timber columns have the
largest dimension for almost all design loads investigated. It is thereby hard to
advocate timber columns just by studying the table, since a larger cross section area
may result in a reduced open area in the building. In order to visualise the spatial
consequences of using timber instead of concrete or steel the percentage of the

column area in a fictive building was investigated.

Tributary area of
7.2x7.2 metre

. 72m 36m

7.2m

36m

Figure 27 Layout of the fictive building.
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The sides of the fictive building measures 36 metres and the height of one floor is 3.6
metres. Columns are assumed to be placed according to Figure 27, with a spacing of
7.2 metres. In the middle of the building there is a central core that measures 7.2x7.2
metres. The total floor area is1244 m?with 32 columns in total. The load acting on a
column with a tributary area of 7.2x7.2 was calculated for different storeys and values
for the dimensions could then be taken directly from Table 3. In Table 4 the total area
of the columns on different storeys are presented. In Table 5 the area that the column
sections cover is presented in percentage of the total floor area.

Table 4 Total area of the columns in the fictive building on different storeys.
Columns area  Corresponding Glulam HEA VKR Concrete
load [m’] [m’] [Mm’] [m’]
1% floor 6 MN 11.2 7.6 3.5 7.8
5" floor 4 MN 7.4 5.2 3.1 5.4
10" floor 2 MN 3.8 3.2 1.9 3.4
13" floor 1 MN 2.9 2.1 1.4 2.9
Table 5 Percentage of the column area in the fictive building on different
storeys.
Percentage of Corresponding Glulam HEA VKR Concrete
floor area load [%] [%] [%] [%]
1% floor 6 MN 0.90 0.61 0.28 0.63
5" floor 4 MN 0.60 0.42 0.25 0.44
10" floor 2 MN 0.31 0.26 0.15 0.27
13" floor 1 MN 0.23 0.17 0.12 0.23

As can be seen in Table 4, VKR-profiles are the most areal effective columns and
timber columns are the least areal effective. If only comparing the total area, it is hard
to advocate timber columns. However, by studying Table 5, it can be seen that the
area that timber columns cover is still small compared to the total area, less than 1 %.
It can also be seen that the difference decreases for the higher part of the building,
where the loads on the columns are lower.

5.3 Beams

The beams were designed to resist the loads from floors within an influence width of
6 and 10 metres respectively, see Figure 28. In order to obtain the worst case with
regard to deflections, moment and shear force, the beams were assumed to be simply
supported. Five different spans were evaluated for each influence width; 4, 6, 8, 10
and 12 metres. For the influence width of 6 metres the beams were designed for an
evenly distributed load of 45 kN/m and for the influence width of 10 metres the
design load from the floor was 75 kN/m. The self-weight of the beams were added to
these loads individually.
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Figure 28 Assumed width of the influence area of the floor for which the beams
were designed.

The dimensions of the timber beams were calculated according to the principles
described in Section 4.3, with regard to deflections, moment and shear capacities. The
limit for deflections was set to the span divided by 400 for all the beams investigated.
Two different timber materials were investigated, glulam L40c and LVL Kerto-S.
Dimensions of the steel beams, HEA and HEB, were on the other hand obtained from
tables from Tibnor AB (2011) as for the steel columns. Prestressed concrete beams
were designed on the basis of diagrams from Svensk Betong (2015a). In Appendices
A2a and A2b the calculations performed in the design of the timber beams are
presented.

For the beams three sides were assumed to be subjected to fire. Four timber beams
needed increased dimensions due to fire; all of them were beams with a height-to-
width ratio between four and five. The problem for these beams was that their widths
were too small and they did thereby not fulfil the criterion for the load case fire.
Therefore their widths were increased; giving height-to-width ratios that somewhat
deviated from the ratio that is usual.

The steel beams were assumed to be covered with one or two gypsum boards
depending on the circumference and thickness of the material. Dimensions of the
concrete beams were taken from Svensk Betong (2015a) and therefore assumed to be
designed also with regard to fire.

The timber and concrete beams were designed with a rectangular cross sections and
the steel beams with an I-section. HEB steel beams have thicker flanges than HEA
beams. For illustrations of the cross-sections, see Figure 26. The results for the beams
are presented in Table 6 and Table 7, giving the total heights and widths of the beams.

As can be seen in Table 6 and Table 7, there are two sets of values for the glulam
beams and the LVL beams. The beams referred to as Glulam | and LVL | are
optimised with regard to the structural height of the floor. However, it is more
common to design timber beams with a height-to-width ratio around four and five.
Therefore, beams within this ratio were dimensioned as well and referred to as
Glulam Il and LVL II.
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Table 6 Summation of needed beam dimensions for an influence width of 10

metres.
Span Glulam | Glulam 1l LVLI LVL Il Concrete  HEB HEA
4m 495x330  810x190  430x300  800x225(f) 400x200  291x322  301x342
6m 630x380  1080x215 600x375  850x225 500x300  391x362  405x331
8m 810x380  1125x280 800x375 1120x225 600x400 515x331  465x331
10m 090x430  1395x280 940x450  1100x300 700x400  665x331  705x331
12m 1170x430 1440x330 1130x450 1290x300 800x400  815x331  915x331
Table 7 Summation of needed beam dimensions for an influence width of 6

metres.
Span Glulam | Glulam Il LVL | LVL 1l Concrete HEB HEA
4m 405x230  675x165(f) 400x225  500x225(f) 300x200  270x302  281x322
6m 540x330  765x190 540x300  750x225(f) 500x200  331x362  361x362
8m 720x330  855x215 720x300  800x225 500x300 465x331  455x331
10m 855x380  1035x230  840x375  1000x225 600x400 565x331  605x331
12m 1035x380 1170x280 1020x375 1200%x225 700x400 665x331  705x331

According to Table 6 and Table 7 the HEB beams provide the smallest cross-sections
and lowest heights for all spans. However, concrete beams are comparable with steel
for longer spans. The timber beams are significantly larger for all spans and influence
lengths. However, the total structural heights of the floors depend on how the beams
are integrated into the floor and the beam/floor connection. More information about
this is given in Section 5.5. If timber beams are to be used the span should be limited
so that the height of the beams do not become too high. It may indicate that timber
beams are more suitable for residential buildings than for office buildings for
example. Office buildings usually have demands of open floor plans and hence longer
spans are often a necessity in comparison to residential buildings that more often have
shorter spans.

For the timber beams it was the shear capacity that was decisive. LVL-beams could
have some smaller cross-sections than glulam beams. The dimensions of the steel
beams were governed by the deflections. In Table 6 and Table 7 some dimensions are
followed by an (f), which means that the fire was the decisive design situation.

5.4  Floor elements

Four different types of floor elements were investigated; timber cassette floors,
concrete hollow core floors, concrete TT-floors and timber-concrete composite floors.
Cassette floors were investigated instead of light weight floors and plane element
floors, since they are able to span longer. In addition, the total height of a cassette
floor is often lower than for a plane element floor, since the insulation and some
installations can be hidden between the webs. The timber-concrete composite floor
was designed according to the method described in Section 4.4 and the other floors
types were designed with help of diagrams and tables from Martinsons (2006) and
Svensk Betong (2015b). The resulting height for each floor type and for the spans, 6,
8, 10 and 12 metres is presented in Table 8.
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Table 8 Floor height for different spans.

Span Cassette Timber/concrete HD/F TT/F

[mm] [mm] [mm] [mm]
6m 260 290 200 200
8m 370 390 200 200
10m 480 550 270 300
12m 600 725 270 400

A decisive parameter when designing timber-concrete composite floors is the
effectiveness of the connection at the joint interface, which is calculated using the slip
modulus of the connectors and their spacing. The value of the slip modulus depends
on what kinds of timber product and connections that are used. Linden (1999)
provides some values for the slip modulus for different cases. In this project nail
plates and sawn timber were assumed. The smallest slip modulus resulted in an
effectiveness of the connections of 0.90 and the highest value of the slip modulus
gave 0.96. Therefore an average value of 0.93 was assumed.

The composite floor was designed with a limit of the fundamental frequency of 7 Hz.
Part 1-1 in Eurocode 5, CEN (2009), states 8 Hz for timber floors, but since a timber
concrete composite floor has a higher weight, the limit of the fundamental frequency
was set to 7 Hz. All composite floors were designed with a concrete slab with a
thickness of 70 mm. In Appendix A3 the calculations regarding the timber-concrete
composite floors are presented.

According to Martinsons (2006), their cassette floors have a fundamental frequency
between 8-10 Hz. The maximum deflection for a static distributed load is between
L/400 and L/600.

Another aspect that needs to be considered is the needed room for installations.
Usually an extra height of 400-600 mm is needed. In the case of hollow core slabs all
this extra height is needed to be placed underneath the floor elements. For cassette
timber floors, timber-concrete composite floors and concrete floors with TT-section,
some of the installations can be placed in the spaces between the webs. If assuming
that 100 mm of the installations can be placed within the floor height and that in total
500 mm is needed for the installations, the following structural heights for the floor
elements are obtained, see Table 9.

Table 9 Total height including installations and insulation for different spans.
Span Cassette Timber/concrete HD/F TTIF
6m 660 685 700 600
8m 770 790 700 600
10 m 880 950 770 700
12m 1000 1125 770 800

These heights are also assumed to be sufficient with respect to the requirements for
airborne sound insulation and fire protection. In Martinssons, (2006) it is stated that
the cassette floors should have a height between 400-1000 mm, with respect to sound
insulation and fire safety, depending on different solutions. As described in Section
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4.7, Hagberg (2010) states that in the preliminary design stage timber floors should be
assumed to have a height of 500 mm.

One reflection made after studying Table 9 is that the difference between the heights
of the floor structures increases with longer spans. Concrete floor structures are more
efficient regarding height for longer spans than timber floor structures, but if studying
spans in the order of 8-9 metres, timber floor structures do not result in palpable
higher heights than concrete floor structures. Moelven is using timber floors that
spans 8 metres in their structural system called Tra8 (Moelven Téreboda AB, 2015).
Martinsons (2006) is stating that their floors can be used up to 12 metres. However,
the height of the cassette floors Martinsons uses for 12 metres is noticeable higher
than the concrete alternatives.

Timber-concrete composite floors were in this project not chosen as a promising floor
structure. The in Sweden more common cassette timber floor was instead used in the
development of structural systems. The timber cassette floors can provide lower
heights than the timber-concrete composite floor. In addition the timber-concrete
composite floors were designed with the assumption that the concrete is prefabricated.
This type of timber-concrete floor is not available on the Swedish market today.

However, it should be noted that the material strengths of the timber and concrete
parts of the composite floor elements designed in this project could have been higher.
Thereby the height of the floor elements would have been decreased. Timber and
concrete with lower strength classes were chosen, since Linden (1999) states that the
model used is only applicable if the timber and concrete members are of ordinary
strength classes. If higher strength classes are to be used, nonlinear behaviour must be
considered.

5.5 Integration of floor elements and support beams

The longer, spans the higher beams and floor structures are needed in order to fulfil
requirements in the serviceability limit state and the ultimate limit state. As can be
seen in Table 6, Table 7 and Table 9 the structural height becomes high in
dependently of the material, especially when placing floor elements on top of beams.

One solution to this is to use HSQ-beams, where the floor is placed on the bottom
flange, see Figure 29a and c¢. The HSQ-beam can be combined with concrete or
timber floor elements. Another solution is to provide a heel on a glulam or LVL beam
with the floor element on top of it, see Figure 29c. A third solution can be seen in
Figure 29d, where a projecting upper flange of the floor rests on top of the beam. It
can be necessary to make holes in the beam for Figure 29c and Figure 29d in order to
allow for installations.
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Figure 29 Different solutions to reduce the structural height of the floor. (a) and
(b) is using HSQ-beams, (c) is using heels that are mechanically
fastened to the beam and (d) is showing a timber floor using its upper
flange to rest on the beam.

56 Walls

The thickness of the wall was calculated for concrete and cross laminated timber for
four different load situations. It was assumed that the walls have an insulation of 200
mm and an extra cover outside the insulation of 50 mm that do not contribute to the
vertical load bearing capacity. These extra layers, however, contributes to the weight
of the walls. Parameters that change are the width of the influencing floor area which
varies between 4 and 6 metres, and the length between the windows which varies
between 0.8 and 1.0 metres, see Figure 30. The size of the windows was set to
1.7x1.6 metres and the height of the wall is 3.6 metres.

o e

Figure 30 Walls and the influence widths investigated.

The load bearing capacity of the wall was checked for a wall on the first, sixth and
eleventh floor in a fictitious 15 storey building according to the calculation principles
described in Section 4.5. This was in order to cover the dimensions needed for
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different loads, since the vertical loads accumulate through the structure and the effect
from the wind load increases with height.

For the timber walls cross laminated timber was chosen and the capacity was
calculated with respect to material data from Martinsons (2014). Figure 31 shows the
cross-sections of cross laminated timber (CLT) walls with different thicknesses.
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Figure 31 Cross-sections of CLT-walls with different thicknesses.

The strength class of the concrete was chosen as C35/45 with 12 mm vertical
reinforcement bars. Figure 32 illustrates the cross-section of the column part of the
wall between the window openings. The part of the concrete wall above the opening
was designed as a deep beam, using the strut and tie method to determine the needed
amount of reinforcement. The thickness was then checked to be sufficient to cover all
reinforcement necessary with a minimum cover of 30 mm.

$12
@ @ @ @ @

200 mm

Figure 32 Cross-section of the column part of the concrete wall.

For all load situations the capacity of the column part of the wall was designed for
both materials. Imposed load was the main load in the design load combination. The
performance of the beam part proved to have a small influence on the overall load
bearing capacity. The highest utilisation ratio for the timber beam (15.7 %) occurs,
when the column part of the cross laminated timber wall has an utilisation ratio of
95.2 %. In Table 10, Table 11, Table 12 and Table 13 the results from the analysis for
the load bearing parts of the walls are presented. Calculations are presented in
Appendix A4.
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Table 10 Needed thickness of walls with an influence width of 4 metres and 0.8
metres between the windows.

Influence width 4 m Concrete Timber
Length between windows 0.8 m  [mm] [mm]
1% floor 220 274
6" floor 185 236
11" floor 140 173
Table 11 Needed thickness of walls with an influence width of 4 metres and 1.0

metres between the windows.

Influence width 4 m Concrete Timber
Length between windows 1.0 m  [mm] [mm]
1% floor 205 274
6" floor 175 223
11" floor 140 (f) 173
Table 12 Needed thickness of walls with an influence width of 6 metres and 0.8

metres between the windows.

Influence width 6 m Concrete Timber
Length between windows 0.8 m  [mm] [mm]
1% floor 240 325
6™ floor 205 274
11" floor 155 173
Table 13 Needed thickness of walls with an influence width of 6 metres and 1.0

metres between the windows.

Influence width 6 m Concrete Timber
Length between windows 1.0 m  [mm] [mm]
1% floor 225 274
6™ floor 190 274
11" floor 145 173

The relation between the design loads in the load case fire and in the ultimate limit
state is around 0.7. According to Thor (2012) a concrete wall exposed to fire at one
side with class REI190 and an utilisation ratio of 0.7 requires a thickness of 140 mm
and a cover thickness of 25 mm. This only affects the concrete walls on the 11" to the
14" floor in Table 11. When designing this wall with respect to the resistance in the
ultimate limit state the required thickness is 135 mm.

The timber walls were calculated according to the method described in Section 4.5. It
was found that some walls did not fulfil fire safety demands but the utilisation ratio in
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the fire case was close to 1. Therefore it is assumed that an extra fire gypsum board of
15.4 mm is enough to provide the fire safety class of REI190. This extra gypsum board
was added to all timber walls.

As can be seen from the results the thickness of the concrete walls is thinner than for
timber walls for all load cases. The largest difference occurs on the first floor when
having an influence width of 6 metres and a distance of 0.8 metres between the
windows. In this case the thickness of the concrete is 26 % less than the thickness of
the timber wall. Even though the timber wall elements become thicker than the
concrete wall elements, the floor area of a building do not need to be reduced, because
the walls can in the planning stage be moved somewhat further out, compensating for
the extra thickness.

5.7 Bracing components

Steel and timber bracing diagonals were designed with regard to wind loads. The
wind load was calculated for a fictitious 15-storey building with a total height of 54
metres. The cross-section of the building was assumed to be rectangular, where each
side measured 36 metres.

Two configurations of centric bracing diagonals were evaluated, single diagonal
bracing and chevron bracing. The dimensions were calculated assuming that the
bracing diagonals extend over one storey and a width of 6 metres and 9 metres
respectively, see Figure 33.

For the component study, the diagonal’s ability to resist the load effect of lateral loads

was considered. The global performance of the complete bracing units, such as
compression in the beam and axial forces in the columns was not examined.

Single diagonal bracing

> >
3.6m 7m 97 m
O9m
Chevron bracing
> >
36m 47 m 57m
6m Om

Figure 33 Single diagonal bracing and chevron bracing.

Since single diagonal bracing and chevron bracing can resist horizontal forces in both
compression and tension the capacity of both has been checked. The capacity has
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been checked for bracing on the first, fourth, seventh, tenth and thirteenth floor of the
fictitious building. This was in order to cover the dimensions needed for different
loads since the lateral loads accumulate through the structure.

The dimensions of the timber bracing diagonals were calculated in accordance with
part 1-1 in Eurocode 5, CEN (2009). For the timber bracing, glulam with the strength
class GL30h and standardised sizes of the lamellas were used. Dimensions for the
steel bracing, VKR and KCKR profiles with steel quality S355, were taken directly
from tables from Tibnor AB (2011), see Figure 34. Interpolation between the buckling
capacities was carried out in cases where the buckling length did not match with the
standard lengths in the tables. The tensile capacity of the steel bracing was calculated
according to part 1-1 in Eurocode 3, CEN (2008a).

(a) (b)
Figure 34 Different steel profiles, (a) VKR-profile (b) KCKR-profile

In Table 14 and Table 15 the dimensions of the diagonal members in a single diagonal
bracing unit are presented. For single diagonal bracings the timber members that had
the smallest dimensions were governed by fire, in total three of them needed to get an
increased cross-section due to fire safety. The single diagonal bracings made of steel
have to be provided with two or three fire gypsum boards on each side. Appendix A5
presents performed calculations for both single diagonal and chevron bracing
members.

Table 14 Needed dimensions for single diagonal bracing with a buckling length
of 7 metres. The dimensions of the steel profiles include the gypsum
boards.

Compressive force Storey Glulam VKR KCKR

287 kN 13 230x315 (f) 233%233, 5 230, 6

626 kN 10 280x315 (f) 212x212, 10 255, 10

933 kN 7 330%315 242x242, 10 281, 10

1240 kN 4 330x315 262x262, 10 306, 10

1547 kN 1 330%360 262%262, 12.5 335, 10

Table 15 Needed dimensions for single diagonal bracing with a buckling length
of 9.7 metres. The dimensions of the steel profiles include the gypsum
boards.

Compressive force Storey Glulam VKR KCKR

265 kN 13 280x360 (f) 242%242, 6.3 230, 8

578 kN 10 330x315 242x242, 10 306, 8

862 kN 7 330%360 262%262, 12.5 335, 10

1145 kN 4 380x360 262x262, 16 335, 12.5

1429 kN 1 380x405 312x312, 10 386, 10
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In Table 16 and Table 17 the dimensions for the diagonal members in a chevron
bracing unit are presented. All timber chevron bracings were governed by the fire load
combination. The dimensions were increased due to this. In the same way as for
single diagonal bracings, steel chevron bracings had to be provided with two or three
fire gypsum boards on each side to be able to fulfil the fire safety class REI90. The
amount of fire gypsum boards depends on the cross-sectional area and the thickness
of the member. Therefore the second VKR-profile in Table 16 and the first VKR-
profile in Table 17 gets a larger dimension. The KCKR-profiles that have a circular
profile are assumed to have the same thickness of fire gypsum board as the
corresponding VKR-profile.

Table 16 Dimensions for chevron bracing with a buckling length of 4.7 metres.
The dimensions of the steel profiles include the gypsum boards.

Compressive force Storey Glulam VKR KCKR

192 kN 13 215%225 (f) 192x192, 5 201, 4

419 kKN 10 230%270 (f) 212%212, 6.3 201, 8

625 kN 7 230x315 (f) 202x202, 6.3 230, 8

830 kN 4 280x270 (f) 202x202, 8 255, 8

1036 kN 1 330x%270 (f) 212x212, 10 255, 10

Table 17 Dimensions for chevron bracing with a buckling length of 5.7 metres.
The dimensions of the steel profiles include the gypsum boards.

Compressive force Storey Glulam VKR KCKR

158 kN 13 215x225 (f) 212x212, 4.5 201, 4

344 kN 10 230x%270 (f) 182x182, 8 230, 6

512 kN 7 280x270 (f) 202x202, 8 230, 8

681 kN 4 280x%270 (f) 202x202, 10 255, 8

850 kN 1 330x%270 (f) 212x212, 10 255, 10

The single diagonal bracings have similar dimensions as the diagonals used in the
building Treet, see Section 2.4.5. However, there are some differences between how
Treet’s diagonals were designed and the design used in this project. In Treet the
diagonals were designed to carry only tension, with a maximum tensile force of 930
KN (Abrahamsen & Malo, 2014). In this project the diagonals were also designed to
resist compression. This leads to that the diagonals in Treet are able to span over two
storeys, while in this project they span over one storey to provide a shorter buckling
length.

It can be concluded that the chevron diagonal bracings have somewhat smaller
dimensions than the single diagonal bracings. This is because the buckling length is
shorter for the chevron diagonal bracings than for the single. The dimensions of all
the diagonals are such that they may be hard to hide inside of walls.
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6 Development of Structural Systems

This chapter presents the results from the development of mixed structural systems.
The chapter is introduced with a description of the reference building that was used as
a benchmark when developing the structural systems. Thereafter the methodology,
conditions and demands used in the development are described followed by a
description of six different mixed systems that were developed. These systems are
then summarised and evaluated in a concluding section.

6.1  Description of the reference building

The reference building worked as a benchmark in the development of the mixed
structural systems. Everything presented in this section describes the existing
building.

6.1.1 Introduction to the reference building

The reference building used in this project is Lyckholms, situated in Goéteborg south
of Liseberg in the district Lyckholms see Figure 35a. It is a 14 storey high building
whereof 13 storeys are used for offices and the 14" storey contains installations. The
building has 11 000 m? office area. Each storey has an area of 860 m? except the two
top floors, which are somewhat smaller. In Figure 35b the plan of the building is
illustrated. The basement and all storeys up to the twelfth storey contain both part A
and part B while the thirteenth and fourteenth storeys only contain part B. On top of
part A, at the 13" storey, there is a terrace. The beam supporting the terrace is further
on referred to as the ‘balcony beam’.

(@) (b)

Figure 35 The reference building Lyckholms, (a) the existing building (b) plan of
the building and notation for the different parts of the building where
part A reaches the 12" storey and part B reaches the 14" storey.

The height of the storeys differs along the building according to Table 18. This table
also shows how the area differs between the storeys. Most of the storeys have a total
height of 3.6 metres and a free height of approximately 2.8 metres. The office areas in
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the building are open and flexible in order to suit different demands. Therefore all the
inner walls are possible to move.

Table 18 Height of each storey and which parts, according to Figure 35b, the
storey contains.
Height of storey Contains area

Basement 3.15m A+B

1% storey 43m A+B

2"-11" storey 3.6m A+B

12" storey 40m A+B

13" storey 3.6m B

14" storey 4.75 m B

According to the architectural drawings all storeys contain open office areas, office
rooms, conference rooms and a kitchen area, see Appendix B. The plan arrangement
from the architectural drawings was used in the development of alternative structural
systems.

6.1.2 Loads acting on the reference building

Table 19 shows the loads that were taken into account by the structural engineer of
the structural system for Lyckholms. The structural system was designed assuming
safety class 3 and a service life of 100 years.

Table 19 Characteristic values for loads and combination factors used by
Integra when designing the reference building.

Load ¥, L 41 ¥,
Imposed load
Basement 2.5 kN/m* 0.7 0.7 0.6
Floor structure in office areas 2.5 kN/m* 0.7 0.5 0.3
Floor structure on entry-level 4.0 kN/m* 0.7 0.7 0.6
Floor structure on the terrace 5.0 kN/m* 0.7 0.7 0.6
Partition walls 0.5 kN/m*
Permanent loads
Weight of structural components | -
Installations 0.3 kN/m?
Wind 0.6 0.2 0
Snow (ground value, Sp) 1.5 kN/m* 0.7 0.5 0.2
Accidental load
Column on ground level, x-dir. [ 150 kN
Column on ground level, y-dir. | 75 kN
Column in garage, x-dir. 50 kN
Column in garage, y-dir. 25 kN

The weight of structural components is not presented in Table 19 due to the variation
between different members. The weight of installations was assumed to be 0.3 kN/m?
and of partition walls to be 0.5 kN/m®.
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The imposed loads vary between different storeys of the building. For the basement
and the floors of the office areas the imposed load is 2.5 kN/m?. The floor on the
entry-level was designed for an imposed load of 4 kN/m? and the floor structure on
the terrace was designed for 5 kN/m?.

Since the building is situated in Géteborg the reference wind velocity is 25 m/s and
the building was designed assuming terrain type I1l. The snow zone is 1.5 with a
ground value for the snow load of 1.5 kN/m?.

In addition, the columns were designed for accidental load. The columns on the
ground level were designed for collision by truck and the columns in the basement

were designed for collision by cars. In the case of fire all the load bearing parts must
fulfil fire class E160.

6.1.3 The structural system of the reference building

The structural system of Lyckholms was designed by the consultant company Integra
and consists of both exterior load bearing walls and a beam-column system. The
building is stabilised by an inner concrete core. The outer walls could be part of the
stabilising system due to their considerable in-plane stiffness. However, on the bottom
floor the walls are supported by columns which cannot be considered to contribute to

the stabilising system. Therefore, the outer walls are not contributing to the lateral
stability.

There are two beam lines, which together with the exterior walls are supporting the
floors, see Figure 36. The largest floor span in the building is 10.8 metres. The beams
are supported by exterior walls or columns. Almost all the columns are made of steel,
see Figure 37a. In the basement however, concrete columns are used, see Table 20.
All walls, including the stabilising core, are prefabricated. However, the basement
walls and floors are cast in situ.

° 0 9 0 Beam lines
| | _— .
R — 1 B —— _O
‘\\ | !.F \\
- = —-—-1—-—_-?-- —— e e
| 15 1 | il
3 | [ 1
LY [ | ! 1
\\ = !.f m}\
- T . I r—o
N II
f— '|I \_._,._0
! : ! :
] = aﬁ Tributary area of column
[N ——tf——— -5
1
O_._._.. Y _]‘ _._._._.;.._O
r i I T
o--—— —-—0
' [

Figure 36 Floor plan with beam lines and the largest tributary area in the
reference building.
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Figure 37 Different steel profiles used in the reference building for the columns
and the beams (a)Steel columns (b) Steel beam

Table 20 Type of column used on different storeys in the reference building.
Storey Column type
Basement, storey 0 Concrete, 600x600
Entry-level, storey 1 Steel, K-CKR 470
Storey 2-8 Steel, VKR 400x400
Storey 9-12 Steel, VKR 300%300
Storey 13 Steel, K-CKR 193.7, VKR
200x200

The beams are carrying load from an influence area with a maximum width of 10.75
metres and the maximum span for the beams is 7.8 metres. All beams have a cross
section according to Figure 37b. The tributary area of the columns is largest for the
column that supports the beam with the largest span, 63.67 m?, see Figure 36.

The floor consists of hollow-core elements spanning in one direction. For all floors
except the 14™ floor HD/F 120/27, which has a height of 265 mm, is used. On the 14"
floor HD/F 120/32 with a height of 320 mm is used. The steel beams are integrated in
the floor.

Drawings of the reference building are shown in Appendix B.

6.2 Methodology in the development of structural systems

Six alternative concepts were developed based on the drawings of the reference
building, the literature study and the component study. The architectural drawings
gave a proposed layout of offices and open spaces and thereby also the activity of the
reference building. These drawings were used as a benchmark when replacing
columns in different concepts. Columns should not interfere with the layout of the
building.

6.2.1 Development of components in the concepts

As a limitation the same stabilising core as in the reference building was used for all
the concepts. Other stabilising systems are not investigated in this project.
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The dimensions and type of columns used in the basement and the entrance floor were
chosen to be the same as for the reference building for all concepts. These columns
need to be designed with respect to collision and as a limitation of this master’s
project, this was not treated. Also the roof was chosen to be the same as for the
reference building.

The results of the component study were used when designing the components of the
structural system. When performing the floor design the height of the cassette floors
was obtained by interpolating between the different heights in the component study.
This method was used, since the height of the floors changes linearly with the span
according to Martinsons (2006). The weight of the floors is also changing linearly
with the span and could therefore be calculated in the same manner. Cassette floors
were chosen due to their lower height compared to timber-concrete composite floors.
In addition timber-concrete composite floors are still uyncommon in Sweden and
would therefore be hard to advocate. Concrete floors were not chosen, since the aim
was to implement as much timber as possible and, concrete has a higher weight,
which results in higher loads on columns and beams.

The beams used in the concepts were chosen to be LVL beams or HEA beams. LVL
beams were chosen, because they had some lower height than glulam beams
according to the component study. HEA beams on the other hand are higher than
HEB beams, but the differences are not large and HEA beams are usually less
expensive than HEB beams. Therefore HEA beams were chosen. In all tables with
dimensions of beams in the following sections, ‘balcony beam’ refers to the beam in
the building part A, see Figure 35b, on the 12" storey. Above this storey the balcony
is located and this beam is therefore resisting balcony load. The other beams are
referred to as ‘office beam’, besides the beam on the 14" storey, which is referred to
as roof beam.

When designing beams the dimensions were not directly taken from the component
study, because the loads and the spans differ in the concepts compared to those
investigated. However, the component study was used as a guideline to provide an
indication of which dimensions that are suitable. The concepts include both timber
and steel beams. Timber beams were designed with the calculation procedure
presented in Section 4.3 and Appendix A2a and A2b, which are the same as for the
component study. Dimensions for the steel beams were also calculated in the same
manner as in the component study, with tables from Tibnor AB (2011). The design
considered the fire case as well as ULS and SLS.

The loads acting on a wall were calculated and then the component study was used to
find a suitable dimension of the wall. However, the walls needed to be checked again
with respect to fire. This was performed according to the calculation principle in
Section 4.5.

Dimensions of the columns were taken directly from the component study. The design
load for a column was first calculated and then a suitable dimension was found in the
tables from the component study. Utilisation ratios for each column in each concept
were calculated. For the timber columns Appendix Al was used, and for steel
columns tables from Tibnor AB (2011) were used.
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All components were designed for the standard fire resistance R90. For the timber
components the dimensions were made larger when needed and for the steel
components additional gypsum boards were added on the exposed sides. The extra
thickness obtained by these gypsum boards was determined in the same manner as in
the component study.

6.3 Assumed conditions and demands for the structural
system

The design of the structural systems was based on the following conditions.

e For the load combination in ULS, the imposed office load is the main load.
This is the worst case for the building globally. For the roof beam, however,
snow load is the main load.

e Characteristic snow load on roof: s, = 1.2 kN/m?

e Characteristic snow load acting on the terrace: s, = 1.5 kN/m?

e The roof of the reference building is covered by sedum, which is assumed to
be a demand from the client. Therefore the same roof as for the reference
building was assumed in all developed systems. The roof is composed of 320
mm prestressed hollow core elements, 300 mm cellular plastic and sedum.

e Weight of roof: g_= 4.56 kN/m?

e Inorder to simplify the calculation of the snow load the layout of the roof was
been simplified, see Figure 38.

[

Figure 38 Simplification of the roof, left is roof in the reference building and
right is the model used in calculations.

Dimensions for different components were calculated for the second, sixth and
eleventh floor of the building. This was in order to optimise the components in the
building and to better understand how the size for different components alters
throughout the building. In Table 21 loads and coefficients used in the calculations are
presented. The calculation principle for the loads used in the design of the different
members is presented in Appendix C1 and C2.
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Table 21 Characteristic loads acting on the building and used combination

factors.
Loads [kN/mZ] Yo ¥ ¥,

Variable loads
Snow 1.2 0.7 0.5 0.2
Imposed loads
Office 2.5 0.7 0.5 -
Partition walls 0.5 0.7 0.5 0.3
Balcony 5 0.7 0.7 -
Permanent
loads
Roof 4,56
Installations 0.3

The following demands were considered in the development of the systems.

e The height of the building cannot be increased. A taller building will induce
larger bending moments and shear forces in the stabilising core.

e According to Arbetsmiljoverket (2009) the free height in an open office
building should not be less than 2.7 metres. The free height in the reference
building is around 2.8 metres.

e No load bearing interior walls are accepted due to the demanded open floor
plan.

e The number of storeys could not be changed. A fewer amount of storeys
would result in less available area to rent and, hence, less income for the
owner.

6.4 Conceptl

For Concept 1 all components except the stabilising core, the roof, members in the
basement and the entrance floor were composed of timber. The first concept was
developed in two iterations.

6.4.1 Firstiteration — layout from the reference building

In the first iteration the same layout of beam-column lines was used as in the
reference building, see Figure 39a. In Table 22 the different members are presented
with the materials that were used.

Table 22 Materials for different members used in Concept 1.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Timber Kerto-S

Columns Timber Glulam, L40c

Walls Timber CLT from Martinsons (2014)
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In the first iteration the layout was the same as for the reference building, hence the
first iteration has a maximum

e floor span of 10.7 metres
e peam span of 7.8 metres

According to the component study the height of a cassette floor with a span of 10.7
metres would be around 900 mm and the height of the LVVL-beams would be
approximately 1120 mm. If trying to optimise the floor structure by connecting the
floor to the beam with a heel attached to the side of the beam, see Figure 29c, the total
height of the floor structures for the whole building would then be approximately 15
metres. In the reference building, HSQ-beams are used, see Figure 37b, and hollow
core elements with a height of 270 mm. If assuming that an extra space for
installations of 500 mm is necessary then the total height of the floors for the whole
building would become 10 metres. This means that approximately five metres are lost,
if timber is chosen for the beams and floor elements.

There are three alternatives of how to consider these extra five metres of materials.
The first is to increase the height of the building, which according to the demands, is
not possible. Secondly the free height of each floor could be decreased with 360 mm.
However this results in a free height of approximately 2.4 metres, which is below the
limit of 2.7 metres. The third and last alternative is to decrease the amount of storeys,
which is not allowed. Therefore this alternative with timber floors, beams and
columns in the same layout as the original reference building is not possible. Further
development of the system was needed.

6.4.2 Second iteration — modified layout

The layout of the floor plan was modified by adding an extra beam-column line and
changing the location of the columns according to Figure 39 and the list below. The
change in the layout was made in accordance with the architectural drawings. The
columns were placed so that they do not interfere with offices. However, one column
was placed in the middle of an open area intended as a social area, see Figure 39. In
Appendix C3 a more detailed drawing of Concept 1 is presented.
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Figure 39 Floor plans of Concept 1 (a) dashed lines are showing the beam-
column lines in the reference building while the solid lines are showing
the beam-column lines used in Concept 1. (b) Floor plan that shows
what materials that were used, green stands for timber, blue for
concrete and red for steel. (c) Presents information like maximum span
and the column which is placed in the open social area.

Concept 1 has a maximum
floor span of 8.425 m

beam span of 5.7 m
tributary area for columns of 41.4 m?
influence width for the walls of 4.21 m

According to Martinsons (2006) the height of the cassette floor including installations
and insulations was interpolated to 800 mm. The weight including insulation is 0.75
kN/m?and the ceiling and the topping has a weight of 0.25 kN/m?; hence the total
weight of the floor is 1 kN/m?. The height of the floor excluding the installations is
around 400 mm.

Dimensions for the beams are presented in Table 23. Compared to the first iteration
these beams have a smaller height; the beam type mostly used have almost half the
height of the beams in the first iteration.

Table 23 Needed dimensions of the beams in Concept 1 including fire
protection.

Beams Dimension Span Influence Load ULS Utilisation

concept 1 [mm] [m] width [m] [kN/m?] [%]

Roof beam 800x 225 5.7 8.425 63.6 82.5

Balcony beam | 800x 300 4.3 7.675 119.1 87.4

Office beams | 650x 225 5.7 8.425 50.21 79.9

The columns needed for this alternative are presented in Table 24.
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Table 24 Needed dimensions of the columns in Concept 1 including fire
protection.
Storey Dimension Load ULS Utilisation
[mm] [MN] [%0]
11" — 14" floor 330x270 1.00 64.8
6™ — 10" floor 430x405 2.22 72.8
2" _ 5" floor 430x540 3.19 79.6

The wall elements have geometry according to Figure 40. The required dimensions

for the walls in Concept 1 can be seen in Table 25.

1.6 m
3.6m 2 3m
—
0.8m
| 1
T T T 421m
Figure 40 Dimensions of wall elements used in the concept and the influence
width from loads applied on the floor.
Table 25 Needed dimensions of the walls used in Concept 1 including fire
protection.
Storey Thickness Compressive Horizontal force  Utilisation
[mm] force ULS [KN]  ULS [KN/m] [%]
2" 5" 259 885.7 2.86 56.9
6" — 10" 221 605.9 2.86 68.5
11" - 14" 158 265.3 3.27 58.0

6.5 Concept?2

In Concept 2 steel columns were used instead of timber columns. The rest of the
elements and layout of columns and beams are the same as for the Concept 1, see
Figure 41. The materials used can be seen in Table 26.
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Table 26 Materials for different members used in Concept 2.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Timber Kerto-S

Columns Steel VKR

Walls Timber CLT from Martinsons (2014)

Since the layout of Concept 2 is the same as in Concept 1 the maximum
e floor spanis 8.425 m

e Dpeamspanis 5.7 m
e tributary area for columns is 41.4 m?
¢ influence width for the walls is 4.21 m

In Appendix C3 a more detailed drawing of Concept 2 is presented.
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Figure 41 Floor plan that shows what materials that were used, green stands for
timber, blue for concrete and red for steel.

The floor height and the dimensions of the timber beams and walls are the same as for
Concept 1. Dimensions of the steel columns are presented in Table 27. Each column
is protected by two fire gypsum boards on each side.

Table 27 Needed dimensions of the columns used in Concept 2 including fire
protection.
Storey Profile Dimension [mm]  Load ULS Utilisation
[MN] [%]
11" — 14" floor VKR150, 6.3 212x212 1.0 99.0
6" — 10" floor VKR250, 10 312x312 2.24 71.6
2" — 5" floor VKR250, 16 312x312 3.24 67.1

6.6 Concept3

In concept 3 the column in the open social area was removed. This was enabled by
using steel beams in the left beam-column line. For the other beams timber was used.

66 CHALMERS, Civil and Environmental Engineering, Master’s Thesis 2015:129



In other words, both steel and timber were used for the beams in this concept, see
Figure 42. In Appendix C3 a more detailed drawing of Concept 3 is presented.

Maximum

Largest tributary area beam span _Maximum floor span

] ) r l A 5
<> > <> >
| N ;

(a) (b) (c)

Figure 42 Floor plans of Concept 3, (a) dashed lines are showing the beam-
column lines in the reference building, while the solid lines are
showing the beam-column lines used in Concept 3. (b) Floor plan that
shows what materials that were used, green stands for timber, blue for
concrete and red for steel. (c) Presents information like the maximum
span and largest tributary area.

Since steel is used in the left beam-column line, the balcony beam is also a steel
beam. The materials used are presented in Table 28.

Table 28 Materials used for members in Concept 3.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Timber and Steel Kerto-S and HEA, see Figure 42b
Columns Steel VKR

Walls Timber CLT from Martinsons (2014)

Concept 3 has a maximum
e floor span of 8.425 m

e peam span of 8.6 m for the steel beam and 5.7 m for the timber beams
e tributary area for columns of 48.7 m?
e influence width for the walls of 4.21 m

In Table 29 the dimensions of the beams are presented. Due to the change of material
and removal of one column the steel beams in the left beam line needed to be
designed. The timber beams are the same as in the first concept.
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Table 29 Needed dimensions of the beams in Concept 3 including fire

protection.
Beams Dimension [mm] Span Influence  Load ULS Utilisation
concept 3 [m] width [m]  [kN/m?] [%]
Roof beam 800x 225 (Kerto-S) 5.7 8.425 63.6 82.5
Balcony beam 655%331 (HEA650) 8.6 7.675 107.1 98.4
Office beams 1 650% 225 (Kerto-S) 5.7 8.425 50.2 79.9
Office beam 2 505x331 (HEA500) 8.6 7.675 44.8 82.7

The removal of the middle column in the left beam line also created an increased
tributary area for the columns. New dimensions for the columns were therefore
calculated. Table 30 is showing the needed dimensions.

Table 30 Needed dimensions of the columns in Concept 3 including fire
protection.
Storey Dimension Load ULS Utilisation
[mm] [MN] [%]
11" — 14" floor 330%360 1.18 56.6
6" — 10" floor 430x405 2.73 89.5
2" — 5" floor 430x540 3.90 97.0

6.7 Concept4

For concept 4 steel beams were used instead of timber beams in all beam lines. The
choice of materials is shown in Table 31.

Table 31 Materials used for members in Concept 4.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Steel HEA

Columns Timber Glulam, L40c

Walls Timber CLT from Martinsons (2014)

The change of beam material enabled a reduction of columns by one compared to
Concept 1 and 2, see Figure 43. In Appendix C3 a more detailed drawing of Concept
4 is presented.
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Figure 43 Floor plans of Concept 4, (a) dashed lines are showing the beam-
column lines in the reference building, while the solid lines are
showing the beam-column lines used in Concept 4. (b) Floor plan that
shows what materials that were used, green stands for timber, blue for
concrete and red for steel. (c) Presents information like the maximum
span and largest tributary area.

Concept 4 has a maximum:

e floor span of 8.425 m

e peamspanof 7.8 m

e tributary area for columns of 50.1 m?,
e influence width for the walls of 4.21 m

The needed dimensions of the steel beams are presented in Table 32. Each beam is
protected by one fire gypsum board on the exposed sides.

Table 32 Needed dimensions of the beams in Concept 4 including fire
protection.

Beams Profile Dimension Span [m] Influence Load ULS  Utilisation

Concept 4 [mm] width [m]  [kN/m?] [%]

Roof beam HEA500 505x331 7.8 8.425 62.5 87.7

Balcony beam | HEA650 655x331 7.8 7.675 117.6 82.3

Office beam HEA450 455x331 7.8 8.425 49.2 93.9

A larger tributary area was obtained in this concept than for Concept 1 and Concept 2,
inducing larger loads on the columns. In Table 33 the needed dimensions of the
columns are presented.

Table 33 Needed dimensions of columns in Concept 4 including fire protection.
Storey Dimension Load ULS Utilisation
[mm] [MN] [%]
11" — 14" floor 330%360 1.22 58.5
6" — 10" floor 430%405 2.68 87.9
2" — 5" floor 430%540 3.86 96.0
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6.8 Conceptb5

In Concept 5 both steel beams and steel columns were used. The concept still has
three beam lines and the same layout as in Concept 4, with maximum beam spans as
in the reference building, see Figure 44. In Appendix C3 a more detailed drawing of
Concept 5 is presented. Table 34 summarises the materials for the components in
Concept 5.

Figure 44 Floor plan that shows what materials that were used, green stands for
timber, blue for concrete and red for steel.

Table 34 Materials used for members in Concept 5.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Steel HEA

Columns Steel VKR

Walls Timber CLT from Martinsons (2014)

Concept 5 has a maximum
e floor span of 8.425 m

e peamspanof 7.8 m
e tributary area for columns of 50.1 m?
e influence width for the walls of 4.21 m

The steel beams are the same as in Concept 4. The needed dimensions of the steel
columns are presented in Table 35. Each column is protected by fire gypsum boards
on the exposed sides.

Table 35 Needed dimensions of the columns used in Concept 5 including fire
protection.
Storey Profile Dimension Load ULS Utilisation
[mm] [MN] [%]
11" — 14" floor | VKR180, 10 242x242 1.22 60.1
6" — 10" floor VKR250, 10 312x312 2.78 88.8
2" _ 5" floor VKR250, 16 312x312 4.00 82.8
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6.9 Concept6

For Concept 6 the aim was to decrease the number of columns by increasing the spans
of the beams by using steel instead of timber. Concept 6 was developed in two
iterations. The components used in the system are presented in Table 36.

Table 36 Materials used for members in Concept 6.

Components in the
structural system

Stabilising core Concrete Prefabricated

Roof Concrete Hollow core slab

Floors Timber Cassette floor from Martinsons (2006)
Beams Steel HEA

Columns Timber Glulam, Lc40

Walls Timber CLT from Martinsons (2014)

6.9.1 Firstiteration

In the first iteration the columns were moved more into the middle of each side of the
stabilising core in order to reduce the number of columns. This creates long spans but
less columns compared to the other concepts, see Figure 45. The amount of columns
is one less than in the reference building. However, this concept has one more beam-
column line than the reference building, which enables timber floors. In Appendix C3

a more detailed drawing of the first iteration of Concept 6 is presented.
Largest tributary area
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Figure 45 Floor plans of Concept 6, (a) Dashed lines are showing the beam-
column lines in the reference building, while the solid lines are
showing the beam-column lines used in the first iteration of Concept 6.
(b) Floor plan that shows what materials that were used, green stands
for timber, blue for concrete and red for steel. (c) Presents information
like the maximum span and largest tributary area.
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The first iteration of Concept 6 has a maximum

e floor span of 8.425 m

e peam span of 11 m and 8.025m respectively
e tributary area for columns of 64.5 m?

e influence width for the walls of 4.21 m

The needed dimensions for the steel beams are presented in Table 37. For the first
iteration of Concept 6 two different beams were chosen for the office beams. This is
since there are large differences in the spans and it is therefore inefficient to have the
same dimension everywhere, see Figure 45c.

Table 37 Needed dimensions of the beams used in the first iteration of Concept
6, including fire protection.
Beams Profile Dimensions  Span Influence Load ULS  Utilisation
concept 6.1 [mm] [m] width [m]  [KN/m’] [%]
Roof beam HEA500 505x331 8.03 8.425 62.5 94.9
Balcony beam | HEA900  905x331 11.0 7.675 117.6 92.3
Office beam 1 | HEAS00  505%331 8.03 8.425 49.2 74.7
Office beam 2 | HEA650  655x331 11.0 7.675 44.8 85.3

The needed dimensions for the timber columns are presented in Table 38.

Table 38 Needed dimensions of the columns used in the first iteration of Concept
6, including fire protection.
Storey Dimension Load ULS Utilisation
[mm] [MN] [%]
11" — 14" floor 330x360 1.56 74.8
6" — 10" floor 430x540 3.62 90.0
2" — 5" floor 645x540 5.19 86.4

6.9.2 Second iteration

Since the columns became relatively large and three different beams were used
Concept 6 was developed further. In addition the balcony beam became too high. By
adding an extra column the maximum span of 11 metres was reduced, resulting in
lower beam heights and a smaller tributary area for the columns. The layout of the
concept is illustrated in Figure 46. In Appendix C3 a more detailed drawing of the
second iteration of Concept 6 is presented.
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Figure 46 Floor plans of Concept 6 (a) Dashed lines are showing the beam-
column lines in the reference building, while the solid lines are
showing the beam-column lines used in the second iteration of Concept
6. (b) Floor plan that shows what materials that were used, green
stands for timber, blue for concrete and red for steel. (c) Presents
information like the maximum span and largest tributary area

The second iteration of Concept 6 has a maximum
e floor span of 8.425 m

e peam span of 8.025 m
e tributary area for columns of 58.2 m?
e influence width for the walls of 4.21 m

The needed dimensions for the steel beams are presented in Table 39.

Table 39 Needed dimensions of the beams used in the second iteration of
Concept 6, including fire protection.

Beams Profile Dimensions  Span Influence Load ULS  Utilisation
concept 6.2 [mm] [m] width [m]  [kN/m?] [%]

Roof beam HEA500 505x331 8.03 8.425 62.5 94.9
Balcony beam | HEA500  505x331 6.10 7.675 117.6 78.1
Office beam HEA500 505x331 8.03 8.425 49.2 75.0

The needed dimensions for the timber columns are presented in Table 40.

Table 40 Needed dimensions of the columns used in the second iteration of
Concept 6, including fire protection.

Storey Dimension Load ULS Utilisation
[mm] [MN] [%]

11" — 14" floor 330x360 1.41 67.6

6" — 10" floor 430x540 3.24 80.6

2" _ 5" floor 570x540 4.63 87.1
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6.10 Evaluation and choice of promising solutions

In this section the positive and negative aspects of each concept are presented
separately. The aim of the project was to implement timber in the structural system as
much as possible. Exchanging material to timber should not affect the activity and
purpose of the building by having to large dimensions of structural members.
Furthermore, columns should not be placed in such way that they interfere with the
purpose of the building. Timber should be used where it is best suited. However, the
aim was not to obtain smaller dimensions than for the reference building. By using
timber to a great extent the disadvantages of having larger dimensions and more
components can be outweighed.

6.10.1 Evaluation of concepts

For all concepts a cassette floor measuring 800 mm in height including installations
and insulation was used. The total height of the floor structure is approximately the
same as for the reference building and thereby the interior height of the building
remains constant. However, to enable the usage of timber floors an extra beam-
column line had to be added, leading to more columns and beams compared to the
reference building.

By adding an extra beam-column line the influence width of the wall was reduced,
leading to decreased compressive forces on the walls. The thickness of the walls
became larger than for the reference building but still considered as acceptable.

6.10.1.1 Concept 1

In this concept timber is used to a greater extent than in the other concepts which is
preferable. The size of the columns became somewhat larger than for the reference
building but still acceptable since the difference is small. However, timber beams tend
to become high even for relatively short spans. Therefore extra columns were added
in order to ensure that the beams remained sufficiently low, lower than the floor
elements.

According to the architectural drawings the eight columns to the right in Figure 39b
are possible to integrate in the layout of the floor plan. Therefore the consequence of
adding extra columns in this part of the building is low. However, the column added
in the middle of the left beam-column line interferes with the demanded open area
that could be used as a social area.

6.10.1.2 Concept 2

In this concept the timber columns were replaced by steel columns, while the floor
plan remained the same as for Concept 1. The dimensions of the steel columns
became considerably smaller than the columns in Concept 1 and in the reference
building. However, the problem with the poorly placed column in the middle of the
left beam line still remains.

6.10.1.3 Concept 3

In this concept the beam in the left beam-column line was replaced by a HEA beam.
By doing so, the column in the middle of the open area could be removed without
consequences regarding height of the beam. The negative aspects of this concept are
that several different beam types are needed and that the column on the 11" floor and
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above needs a larger dimension due to a larger tributary area. However, the
dimensions are approximately the same as in Concept 1 and timber is used to a great
extent.

6.10.1.4 Concept 4

In Concept 4 steel beams were used instead of timber beams, which enable longer
spans and thereby the unfavourable placed column in the open social area in Concept
1 and 2 could be removed. The timber columns have the same dimensions as the
timber columns in Concept 1, so the reduction of the number of columns is not
resulting in larger columns.

6.10.1.5 Concept 5

Concept 5 has the same layout as Concept 4 but is consisting of steel beams and steel
columns. The dimensions of the beams and columns are small due to small loads
compared to the reference building, because of the additional beam-column line. In
this concept the columns are smaller than for the reference building and they do not
interfere with the activity of the building. However this is the concept where timber is
used to the least extent.

6.10.1.6 Concept 6

For this concept longer spans are used resulting in higher steel beams but fewer
columns. In the first iteration more beam-column lines were used than in the reference
building, but the number of columns was still reduced by one. However, several
different beams had to be used and some beams were higher than the floor elements.
Therefore, in order to limit the height of the floor structure one more column was
added in the second iteration, hence smaller beams could be used.

Concept 6 has few columns compared to the other concepts, but the same amount as
the reference building, which is advantageous for this concept. The beam-column
lines are the same as for the other concepts enabling timber floors. This creates open
spaces and few columns that are taking up space; on the other hand the columns were
designed as timber columns and therefore obtained large dimensions. A way to reduce
the column size would be to change material to steel, but then the aim of using as
much timber as possible would not be fulfilled in the same degree.

6.10.2 Summation of the concepts

In Table 41 the dimensions of the different components in each concept are
summarised and in Figure 47 the layout of each concept is illustrated. As can be seen
in Table 41 the height of the floor structure is the same for all concepts including the
reference building. This value refers to the total structural height including insulations
and beams, see Figure 47. However, for the timber floor it might be difficulties with
installations that need to be placed perpendicular to the beam direction. Either the
total construction height can be increased by lowering the ceiling or holes can be
made in the beams. If making holes it might be necessary to increase the dimensions
of the beams. This was however not investigated in this project.
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Floor structures in the concepts and the reference building, (a) the
floors in the concepts (b) floors in the reference building.

Figure 47

It should also be mentioned that all members in Table 41 were designed with regard

to fire. Therefore dimensions of additional fire protection is included in the values
given in the table. If information about the steel profile or utilisation ratios is of
interest, the reader is referred to the tables given in the relevant section for each

concept.
Table 41 Summarising table of all concepts with needed dimensions and
materials for different members.
Reference Concept 1 Concept 2 Concept 3 Concept 4 Concept 5 Concept 6
Building [mm] [mm] [mm] [mm] [mm] [mm] [mm]
Figure 48a Figure 48b Figure 48b  Figure 48¢ Figure 48d Figure 48d Figure 48¢
Floor Concrete Timber Timber Timber Timber Timber Timber
Office floor 800 800 800 800 800 800 800
Beams HSQ Kerto-S Kerto-S Kerto-S/ HEA HEA HEA HEA
Roof beam - 800 225 800 225 800x 225 (Kerto-5)  505=331 505x331 505x331
Balcony beam 380=400 800 300 800 300 655x331 (HEA) 655x331 655x331 505331
Office beam 275400 6350 225 650x 225 650x 225 (Kerto-5)  455=331 455%331 505x331
Office beam 2 - - - 505331 (HEA) - - -
Columns VKR Glulam Le4d VKR Glulam Le40 Glulam Lc40 VKR Glulam Lc40
11% - 14t% floor | 300x300 330=270 212%212 330=360 330=360 242%242 330=360
6t — 10% floor | 400x400 430405 312%312 430403 430405 312%312 430340
20— 5t floor 400=400 430=340 312%312 430=540 430=340 312%312 570340
Walls Concrete CLT CLT CLT CLT CLT CLT
11t — 14t floor | 130 158 158 158 158 158 158
6t — 102 floor 150 221 221 221 221 221 221
20— 5t floor 150 259 259 259 259 259 259
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Figure 48 Layout for the different concepts (a) the reference building, (b)

Concepts 1 and 2, (c) Concept 3, (d) Concepts 4 and 5 and (e) Concept
6.
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6.11 Choice of promising concepts

Both Concepts 1 and 2 were disregarded due to the placement of the column in the
middle of the open area at the left beam-column line. Concept 5 is good with regard to
the size and placement of the members but was disregarded due to the aim of
implementing as much timber as possible.

The dimensions of the timber members in Concept 6 were considered to be too large
and, even though the concept enables few columns, they will most likely be hard to
integrate well in the building. In addition the upper left column in the left beam-
column line was moved a little bit towards the middle, making the open space smaller,

see Figure 46. Therefore Concept 6 was disregarded.

Two concepts where chosen for further investigation, Concept 3 and Concept 4. For
both concepts timber components are utilised to great extent and the placement of the
columns are not interfering with the architectural drawings. The dimensions of the
components are somewhat larger than for the reference building but still considered as
acceptable. Needed dimensions for the two promising concepts are summarised in

Table 42 and the layout is illustrated in Figure 49.

Table 42 Needed dimensions and material choice for the promising concepts.
Concept 3 Concept 4
[mm] [mm]

Floor Timber Timber

Office floor 800 800

Beams Kerto-S/ HEA HEA

Roof beam 800x% 225 (Kerto-S) 505x331

Balcony beam 655%x331 (HEA) 655%331

Office beam 650x 225 (Kerto-S) 455%331

Office beam 2 505%331 (HEA) -

Columns Glulam Lc40 Glulam Lc40

11™ — 14" floor 330%360 330%360

6™ — 10" floor 430x405 430%405

2" — 5" floor 430x540 430x540

Walls CLT CLT

11" — 14" floor 158 158

6™ — 10" floor 221 221

2" _ 5™ floor 259 259
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Figure 49
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Floor plans, for the two promising concepts, that show what materials
that have been used, green stands for timber, blue for concrete and red
for steel. (a) is showing Concept 3 and (b) is showing Concept 4.
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7 Additional analysis of promising concepts

In this chapter the results from the more detailed investigations of the promising
concepts are presented.

7.1  Total weight of the buildings

As described in Section 2.3.2 the low self-weight of a timber building is beneficial for
the foundation work. The lighter the building is, the less piles are needed. On the
other hand, a light structure can be a problem when designing tall buildings and in
many cases it is therefore necessary to provide such light structures with extra weight
or with anchorage in order to prevent lifting and tilting of the building. Therefore it
was of interest to calculate the total weight of the building according to Concept 3,
Concept 4 and for the reference building. The results are presented in Table 43. The
weight of the two mixed systems is approximately 50 % lighter than the weight of the
reference building. Performed calculations are presented in Appendix D5.

Table 43 Weight of the reference building and the buildings according to
concepts, expressed both in tonnes and in MN.

Reference building Concept 3 Concept 4
Total weight of the building [tonnes] 12740 6205 6252
Total permanent load from the 125 60.8 61.3
building [MN]
Average weight of one storey [tonnes] | 849 414 417
Average permanent load from one 8.3 4.1 4.1
storey [MN]

In Table 44 the weight of the individual members are presented. The weight of the
core and the roof is the same for the concepts and the reference building. The weight
of the floors and walls results in the largest difference in relation to the total weight of
the building. The largest difference in percent is between the beams in the reference
building and in Concept 4. However the influence on the total weight is small and
therefore not important in comparison to the weight of the floor and wall structures.

Table 44 Weight of the individual members and their differences in relation to
the reference building in percent.

Reference Concept  Difference Concept 4  Difference

building 3 relative to [ton] relative to

[ton] [ton] reference [%] reference [ton]
Floor 7230 2825 60.9% lighter 2825 60.9% lighter
Roof 385.4 385.4 0 % difference 385.4 0 % difference
Columns 63.0 63.2 0.3% heavier 63.2 0.3 % heavier
Beams 70.6 90.5 28.2% heavier 138.2 95.8 % heavier
Walls 3214 1095 65.9 % lighter 1095 65.9 % lighter
Core 1773 1773 0% difference 1773 0% difference
Total weight 12740 6205 51.3 % lighter 6252 50.9 % lighter
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As stated previously, a lighter building demands less foundation work. For a building
founded on piles this can mean fewer piles, smaller piles or both. This results in less
material used, less energy put into construction of the foundation which makes the
foundation, of a lighter building cheaper, simpler and more environmental friendly. A
lighter building is especially good to consider in areas of bad soil conditions, like
those in Goteborg, where clay is the dominant soil.

7.2  Sectional forces in the core

The sectional forces in the core were calculated in order to investigate whether the
core is fully compressed while subjected to horizontal wind load and unintended
inclination. In Section 7.2.1 the assumptions made and the calculation procedure are
presented and in Section 7.2.2 the results showing the differences between the
reference building and the concepts are presented. The calculations are presented in
Appendix D9.

7.2.1 Assumptions and calculation procedure

Initially the equivalent load effect due to unintended inclination and wind load, which
result in a bending moment needed to be calculated. It was assumed that all the walls
of the core are coupled making the core acting as one unit. Navier’s formula was used
to check if parts of the core, when the building is subjected to wind from north or east,
are in tension.

The normal force was determined from a load combination with the weight of the core
plus additional permanent load from the floors. Figure 50 shows which areas that
were assumed when accounting for the permanent loads from the floors. It should be
noted that there is a small difference between area 4 in Concept 3 and area 4 in
Concept 4. However, this is not illustrated in Figure 50. The total tributary area in the
reference building is smaller than for the concepts due to the change in the layout of
beams and columns. However, the weight of the floors in the reference building is
heavier than in the concepts.

Concept 3 and 4 Reference building
I [ ] 4 [ ] . s 4

2 1 2

3 [ 2

Figure 50 Tributary areas for the core in the concepts and the reference building.

In order to obtain the worst load combination the permanent load needs to be
considered as both unfavourable and favourable. If the permanent load is
unfavourable the equivalent load effect from unintended inclination is larger, but so is
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also the vertical normal force, which is reducing the tension in the core. In the
opposite case, when permanent load is favourable, the equivalent load effect is
smaller, but so is also the normal force. Hence, both cases need to be considered.

7.2.2 Results from the analysis of sectional forces

In Table 45 the stresses in the concrete core for the reference building and the two
concepts are presented. The stresses were calculated for two cases, wind on the north
facade and wind on the east fagade. Calculations proved that the worst load
combination is the one were the permanent load is assumed favourable. When the
north side is subjected to wind, notable tensile stresses arise in the core. On the other
hand, when the east side is subjected to wind, the entire core is compressed. This is
because the concrete core has a considerably higher stiffness in this direction.

Table 45 Calculated stresses in the part of the core where tensile stresses may
arise. Positive sign is tension and negative sign is compression.
Wind from north Wind from east
Reference building 2.22 MPa -0.23 MPa
Concept 3 2.35 MPa -0.08 MPa
Concept 4 2.37 MPa -0.07 MPa

It can be concluded that, even though the influencing area is increased for the
concepts compared to the reference building, the core in the concepts is experiencing
more tension than the core in the reference building. This is because timber floors
have a lower weight than concrete floors.

The concrete strength class assumed for the core is C45/55, with a characteristic 5%-
fractile tensile strength of 2.7 MPa and a mean tensile strength of 3.8 MPa. It is
therefore argued that the concrete core is not likely to crack. Still minimum
reinforcement should be used, which increases the capacity further. Moreover, since
the core in the reference building already is designed by the consulting company
Integra, it is assumed that it has sufficient capacity to resist the lateral loads. As can
be seen in Table 45, the difference between the tensile stresses of the reference
building and the concepts is small and therefore it was assumed not to be necessary to
check state II.

It can be concluded that it is beneficial to design the building such that the core is
resisting more loads from the floors. This would have decreased the tensile stresses in
the core and increased the compressive stresses. When using a mixed structure with a
timber system stabilised by a core, it can be concluded that it is extra important to
enable the core to carry more load. This will also make the concrete core to creep
more, which is positive with regard to the vertical displacements.

One way to prevent tilting of a building is to anchor the bracing members to the
foundation. This method is for example used in the timber building Limnologen in
Vaxjo. Another solution is to increase the vertical load on the bracing members. In the
timber building Treet in Bergen, Norway, this is achieved by having concrete floors
on every fifth storey.
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7.3 Vertical displacements in mixed structures

One factor that is important to consider in a mixed structural system is the difference
between the vertical displacements for systems of different materials. In Engquist et
al. (2014) the in-situ measurements of the vertical displacement of the outer load
bearing CLT-walls of Limnologen in VVaxjo are presented. Limnologen is an eight-
stories building whereof storey 2-8 are in timber. The measurements resulted in a total
annual average vertical displacement of 23 mm after 6.5 years of service life. One of
the conclusions in Engquist et al. (2014) is that the main factors affecting the vertical
displacements of the CLT-walls was the shrinkage and swelling of the timber due to
variation in the climate, see Figure 51. For further description of Limnologen the
reader is referred to Section 2.4.2.
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Figure 51 Total vertical displacement and estimated equilibrium moisture
content in Limnologen (Engquist et al., 2014) .

In Engquist et al. (2014) the deformations due to initial shrinkage were estimated for
the CLT-walls according to Equation (22) and Equation (23). It was assumed that six
wall elements with a height of three metres each were shrinking in the longitudinal
direction of the grains. In addition the floor board connected between the wall
elements was shrinking in the transversal direction, contributing to the overall vertical
displacements. The calculated total change in height proved to be in accordance with
the measured displacement after nine months. However, when using this method only
the initial deformations due to moisture change are considered. The annual variation
of the moisture content results in irreversible deformations that also need to be
considered.

7.3.1 Method for determining vertical deformations

The vertical displacement was calculated as the sum of the creep deformations due to
the load and the shrinkage deformations due to change in the moisture content.
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Deformations due to creep

The magnitude of the creep deformations depends both on the magnitude and the
duration of the applied load. For many building materials the relation between the
creep deformation and the elastic deformation is nearly constant. This relation is
called the creep coefficient (Burstrom, 2007).

For timber the creep coefficient increases with increasing temperature and humidity.
When taking creep deformations into account the creep coefficient can be used to
reduce the elastic modulus of the material. The final strain-dependent deformations
for timber including creep can be calculated according to Hooke’s law, by using an
effective value of the elastic modulus, see Equation (20).

Lot Q- (A +kger) L (20)

u
o=E-¢e=E-— ->u=
L E A Eymean

As for timber, the creep strain of concrete is defined by means of a creep coefficient.
Hence the total stress-dependent deformation can be calculated according to Equation
(21). The creep coefficient is influenced by the concrete age at loading, concrete
composition, size of the section and the surrounding relative humidity (Engstrom,
2014).

_ Q- (+eit)): L (21)
u =
A-Eqp

Deformations due to shrinkage and swelling

Moisture induced deformations occur in all porous materials. When the moisture
content decreases, the material shrinks and, when the moisture content increases, the
material swells.

According to Burstrom (2007) the shrinkage or swelling of timber can be estimated

by assuming a linear relationship between the moisture content and the shrinkage or
swelling. The magnitude of the shrinkage or swelling can thereby be calculated by

knowing the fibre saturation point, see Equation (22).

U, —u
Aa = 2 L. af (22)
Us
U, — Uy Difference in moisture content, around 8%
Us Fibre saturation point, 30 % for conifers such as spruce and pine
ar Maximum shrinkage in a certain direction, 0.3 % for spruce parallel to

the grain

The absolute value of the shrinkage or swelling movement related to the original size
can then be calculated according to Equation (23).

AL=Aa-L (23)
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The shrinkage of concrete starts during hardening and increases with time. Shrinkage
strain can be divided into two components; drying shrinkage and autogenous
shrinkage. The former depends on the exchange of moisture content between the
concrete and the surrounding, and the latter develops during the hardening of the
concrete. According to part 1-1 in Eurocode 2, CEN (2008b), the final shrinkage
strain can be calculated with Equation (24).

£es(00) = £04(00) + £ca(®) (24)
Ecq(00) Drying shrinkage strain
€cq(0) Autogenous shrinkage strain

7.3.2 Vertical displacements for Concept 3 and Concept 4

Since it is concluded in Engquist et al. (2014) that vertical displacements may be a
problem in tall timber buildings, it was of interest to investigate the displacements of
the two concepts as well. In contrast to the results in Engquist et al. (2014), where the
main factors affecting the vertical displacements were shrinkage and swelling, the
magnitude of the creep and the shrinkage was about the same for the concepts. The
displacements due to shrinkage and creep of the first floor and in the basement were
neglected, since they are made of concrete.

The load on the columns was calculated by using the maximum tributary area.
Therefore the results differ between the concepts. Each column has an individual
creep and displacement development. Two different tributary areas were used for each
concept, one area from the part of the building that has 14 storeys and one area for the
part of the building that has 12 storeys. The concrete core was only assumed to carry
its own weight and the weight of the concrete floor inside the core. For more details
of the calculations, the reader is referred to Appendices D1 to DA4.

Initially the timber beams in Concept 3 were assumed to be placed between the
columns, but calculations showed that the compression perpendicular to the grains
became too high resulting in large vertical deformations and crushing of the material.
Therefore the beams were instead assumed to be placed on corbels to the columns, see
Figure 52.

Figure 52 Two different types of beam-column connections.
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The total vertical displacement of the concrete core, the walls and the columns are
presented in Table 46. For the timber components, a change in moisture content of 8
% is assumed and the creep coefficient is taken as 0.6 for glulam and 0.8 for CLT.

Table 46 The total vertical displacements for different parts in the concepts and
the distribution between shrinkage and creep (moisture content change
of 8 %, deformation factor kg of 0.8 for CLT-walls and 0.6 for the
glulam columns).

Shrinkage Total creep  Total deformation Difference
[mm] [mm] [mm] from concrete
core [mm]
Concrete core 194 2.6 22.0 0
CLT walls 38.7 30.9 69.6 47.6
Columns concept 3 | 38.7 40.4 79.1 57.1
Columns concept 4 | 38.7 49.6 88.3 66.3

The total deformation accumulates through the building; hence the largest
displacements occur on the top floor. In Table 47 the displacements at each floor are
presented. For each concept two results are presented, one for the columns in the part
of the building having 14 storeys and one for the part with 12 storeys.

Table 47 Total vertical displacements at each storey.

Floor Concrete Walls Columns Columns  Columns Columns
core[mm]  [mm] concept 4 Concept 4 concept 3 concept 3

(14) [mm] (12) [mm]  (14) [mm] (12) [mm]

14 22.0 69.6 88.3 - 79.1 -

13 20.1 65.1 83.2 - 74.2 -

12 18.5 61.4 78.4 67.4 69.8 69.9

11 16.8 56.8 72.2 62.6 64.2 64.9

10 15.3 52.3 65.9 57.4 58.4 59.6

9 13.7 475 60.0 52.5 53.2 54.5

8 12.1 42.2 53.7 47.0 47.4 48.9

7 10.4 36.6 46.7 41.1 41.3 42.7

6 8.8 30.6 39.3 34.6 34.6 36.0

5 7.1 24.3 31.2 27.6 27.6 28.8

4 5.3 18.6 24.0 21.3 21.2 22.2

3 3.6 12.7 16.4 14.6 145 15.2

2 1.8 6.5 8.4 75 7.4 7.8

As can be seen in both Table 46 and Table 47, there is a significant difference
between the vertical displacements of the concrete and the timber systems. For
example there is a difference of approximately 6.6 cm between the concrete core and
the columns in Concept 4. This difference in vertical displacements might cause
problem during the service life of the building. However, when erecting a timber
building, one storey is assembled at the time. The timber starts to deform directly
when loaded and therefore some of the vertical deformations occur during the
construction. In order to compensate for these deformations the columns can be made
longer than their final length. Therefore some of the displacements can be handled by
appropriate measures in design and production.
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In addition it is also important to consider that the values for the vertical
displacements are determined theoretically. The magnitude of the real vertical
deformations might differ. By controlling some of the parameters the deformations
can be decreased. In Engquist et al. (2014) the change in moisture content was taken
as 8 % and therefore the same value was assumed for the calculations of the total
displacement in this project. However, according to Kliger (2015-03-12) it is possible
to reduce the change in moisture content to 2%. This reduced value is based on the
assumption that the glulam beams and CLT walls can be allowed to dry out before use
and wrapped in plastic during transportation. In addition each floor must be
constructed directly after mounting of the columns beneath and the stories must be
heated in order to prevent moisture change.

In Table 48 values for the vertical displacements with the assumption that the change
in moisture content is 2% are presented. The results show a considerable decrease in
the shrinkage deformations. However, the magnitude of the creep deformations
remains.

Table 48 The total vertical displacements for different parts in the concepts and
the distribution between shrinkage and creep (moisture content change
of 2 % , deformation factor kg of 0.8 for CLT-walls and 0.6 for the
glulam columns).

Shrinkage Creep Total deformation ~ Difference
[mm] [mm] [mm] from concrete
core [mm]
Concrete core 19.4 2.6 22.0 0
CLT walls 9.7 30.9 40.6 18.6
Columns concept 3 (14) 9.7 40.4 50.1 28.1
Columns concept 4 (14) 9.7 49.6 59.3 37.3

Another way to decrease the total vertical displacement is to reduce the creep
deformations by choosing parts of the wood that are more mature. The mature wood,
close to the bark has a higher elastic modulus than the juvenile wood near the pith and
is thereby less prone to creep. According to Kliger (2015-03-12) the value of the
deformation coefficient, in other words the creep coefficient, can be decreased
significantly, if the product is entirely made of mature wood. However, such products
are not available on the market today.

In Table 49, values for the vertical displacements are presented with the assumption

that the deformation coefficient is 0.2 for glulam and 0.3 for CLT. The change in
moisture content is still assumed to be 2 %.
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Table 49 The total vertical deisplacements for different parts in the concepts and
the distribution between shrinkage and creep (moisture content change
of 8 % , deformation factor kger 0f 0.3 for CLT-walls and 0.2 for the
glulam columns).

Shrinkage  Creep Total deformation Difference
[mm] [mm] [mm] from concrete
core [mm]
Concrete core 194 2.6 22.0 0
CLT walls 9.7 22.3 32.0 10
Columns concept 3 (14) | 9.7 30.3 40.0 18
Columns concept 4 (14) | 9.7 37.2 46.9 24.9

The results in Table 49 show that by controlling the environment of the timber
products and by choosing the material more carefully, the theoretical value of the
vertical displacements can be decreased. Nevertheless, there will still be differences
between the vertical displacements of the concrete core and the timber systems. The
connections between the concrete core and the timber floor must therefore be able to
both transfer shear forces horizontally and allow vertical movements.
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7.4  Capacity of timber cassette floors

Both Concept 3 and Concept 4 are structures stabilised with regard to lateral loads by
a concrete core in the middle of the building. There are no other bracing units in the
buildings. However, the floor structure needs to resist the load effects from the lateral
loads, acting on the exterior walls. Therefore it is of interest to check that sufficient
diaphragm action can be obtained in a floor consisting of cassette floor elements.

7.4.1 Design of timber cassette floors with regard to lateral loads

Floor structures need to be designed for in-plane action with respect to lateral loads
such as wind load and effects from unintended inclination. The effects of unintended
inclination are described further in Section 3.1.3.

Modelling of floors

According to Kliger (2015-04-29) floors can be considered as high 1-beams, where
the connected floor elements behave as a web and some additional edge beams
behave as flanges, when floors are to be designed for in-plane action . Figure 53
shows two models for two different layouts of bracing units. In the left model, both
walls are bracing units. In the right model two walls are bracing units and the third
does not contribute to the lateral stability; hence a cantilever beam is obtained
resulting in larger moments.

.~Q
L1k 5

Mf < Ms

(a) (b)

Figure 53 Models of floors for two different arrangements of bracing walls where
(a) shows the moment distribution for a simply supported floor
diaphragm and (b) shows the moment distribution for a cantilevering
part of a floor diaphragm.

Verification of the capacity of floors

The first step in the design of a floor diaphragm is to calculate the moment and shear
force distribution in the floor. Figure 53 also shows the moment distribution for each
case. When the moment distribution is known, the sectional moment can be converted
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to a force couple with a tensile and a compressive force, which the floor should be
able to resist.

Secondly, the connections between adjacent floor elements need to be designed so
that the shear force in the joint can be resisted. The connection can be detailed in
different ways; two examples are shown in Figure 54. The last thing that needs to be
designed is the connection between connected floor elements and connected
stabilising walls.

X
-i..'.

T 1

[ —

Figure 54 Two different ways of connecting two floor elements for shear
resistance in the longitudinal joint.

7.4.2 Load effects in the cassette floor due to lateral loads

The reference building and the two developed concepts are stabilised against
horizontal forces by a concrete core in the middle of the building, while the outer
walls do not contribute to the global stability. Hence the floor needs to be able to
resist horizontal loads by in-plane action. Concepts 3 and 4 have the same type of
cassette floor and the calculation procedure and the results are therefore the same.

Model of the cassette floor for Concept 3 and Concept 4

Figure 55 shows how the floor structure in the reference building and the concepts can
be modelled as a deep beam supported by the concrete core. The areas marked with
grey illustrate the deep beam and how the load is applied. As can be seen in Figure 55
the beam model has two cantilevers, one on each side of the core. Since the direction
of the wind load differs, the in-plane resistance of both marked deep beams needs to
be checked. The worst load case depends both on the length of the cantilever beam
and the applied wind load. The load effect from initial imperfections depends on the
layout of walls and columns and does not differ between the floors.
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Figure 55 Model of the floors in the concept as a deep beam supported by the
concrete core with two supports. Two cantilever parts.

When the east facade (the upper model in Figure 55) is subjected to wind load, the
floor on the 14" storey is the worst loaded. This is since the influence area for the
floor is largest at this storey, because the influence area is higher than for the other
storeies. On the other hand, the 12" storey is the most loaded when the north facade is
subjected to wind load. This is because the cantilever that is to the left side of the
concrete core is longer than to the right side. For the 13" and 14" storeies part A in
Figure 56 does not exist; therefore the slab on the 12" storey is subjected to the
highest wind loads.

AEB

Figure 56 Notation for different parts of the building where part A reaches the
12" storey and part B reaches the 14" storey.

For this specific case the largest moment and shear forces occur at the supporting
wall. The bracing wall needs to take all the load acting on the cantilever. In Figure 57
the model of the deep beam is illustrated. The deep beam continues over the support.

The cassette floor is provided with two steel ties and can thereby be modelled as a I-
beam, where the connected cassette floor elements correspond to the web and steel
edge beams correspond to the flanges, see Figure 57. The flanges resist the moment
by enabling a force couple, while the web resist shear forces.
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Figure 57 Forces in the deep beam.

The effect from unintended inclination differs between the 14™ storey and the 12"
storey. This is since part A of the building only exists up to the 12" storey. Therefore
the number of interacting vertically loaded members is less for the 14™ storey. Less
vertically loaded members result in a larger unintended inclination of the building;
hence the equivalent load effect becomes larger.

7.4.3 Results for the timber cassette floor

Table 50 shows the results for the steel tie. The dimensions of the steel tie provide
such capacity that the utilisation ratio in ULS is below 45 % for the two cases, wind
from north and wind from east. The ties were designed with a low utilisation ratio in
order to prevent too large strains. Table 50 also shows the elongation of the steel. The
elongation is elastic, since the stresses are below the yield limit for the steel tie.
Appendix D6 and D7 presents the performed calculations.

Table 50 Dimensions, utilisation ratio and elongation of the steel tie.
Size [mm] Utilisation in tension  Elongation

Wind from east 6%65 42.7 % 0.07 %

Wind from north 6%65 38.3 % 0.06 %

When the east facade is subjected to wind load the largest shear force between two
floor elements is 5.54 KN/m. It was assumed that the two floor elements are connected
by nails in two rows according to the detailing shown to the left in Figure 54. The
needed dimensions and spacing of these nails are shown in Table 51.

Table 51 Nails used in the connection between two floor elements.
Length Diameter Spacing Shear force Utilisation
[mm] [mm] [mm] [KN/m]

Wind from east | 75 5 200 (2 rows) 5.54 49.2 %

From Table 50 and Table 51 it can be concluded that the connection between the
floor elements has sufficient capacity to resist the shear forces. By optimising the
connection a higher shear capacity and hence a lower utilisation ratio can be obtained.
Since sufficient capacity of the connections was easy to obtain for the case when the
east facade is subjected to wind, the effect from wind from north was not investigated.

Figure 58 shows the connection between the floor elements and the concrete core that
was assumed. The timber floor is connected to the concrete core by an L-shaped steel
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plate. The shape of the holes for the screws is elliptical to allow for vertical
movements and to prevent horizontal movements. Both the fastener between the steel
plate and the concrete and between the steel plate and the timber floor need to be
designed to resist shear forces.
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Figure 58 Detail of how the floor could be connected to the concrete core.

The capacity of the FBS screws used between the steel plate and the concrete core
was determined from Fischer (2015). For the connection to the timber floor plate the
same nail as in Table 51 was assumed. In Table 52 the results from the core when the
east facade is subjected to wind are presented and in Table 53 on the other hand the
results from the core when the north facade is subjected to wind is presented.

Table 52 Dimensions and utilisation ratios for the fasteners when the east
facade is subjected to wind load.

Length Diameter  Spacing [mm] Utilisation
[mm] [mm]
Steel-concrete connection 115 12.5 250 24.4 %
Steel-timber connection 75 5 150 (2 rows) 86.4 %
Table 53 Dimensions and utilisation ratios for the fasteners when the north

facade is subjected to wind load.

Length [mm] Diameter Spacing Utilisation
[mm] [mm]
Steel-concrete connection 115 125 250 26.4 %
Steel-timber connection 75 5 250 93.5%

From these results it can be concluded that the floor and its connections have
sufficient capacity with regard to lateral loads. Therefore the capacity of the floor is
not considered to be problematic for the concepts.
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7.5 Dynamic behaviour of high-rise structures

During the preliminary design of high-rise buildings it is important to consider
whether the structure has a static or dynamic response. It is very expensive to
influence the behaviour of the structure, after it has been constructed, and therefore it
is of importance to foresee if the structure has a dynamic response or not.

According to the results presented in Section 7.1 there is a significant difference
between the total weight of the reference building and the total weight of the buildings
in concepts 3 and 4. In Section 7.5.3 it is shown that the natural frequency and thereby
the acceleration of a building partly depends on the weight of the building. Hence it
was of interest to investigate the differences between the dynamic responses.

Unless another source is specified the information is taken from Stafford Smith &
Coull (1991).

7.5.1 Dynamic analysis

The movements of a tall building can be divided into static motions and dynamic
motions. Static motions are caused by slowly applied forces such as the long term
component of wind load, gravity load or thermal effects, while dynamic movements
are caused by short-term impact loads. Examples of dynamic actions are short period
wind loads, seismic accelerations and vibrations from machinery. The two latter
effects were not considered in this project.

There are several factors that affect the dynamic response of buildings, the most
important factors are stated below.

e Applied load on the structure
e Geometry of the structure

e Mass of the structure

e Stiffness of the structure

e Damping of the structure

The criteria of when a dynamic analysis of a building is required differ between
different codes. According to Stafford Smith & Coull (1991) the Australian Code
states that a dynamic analysis is required if the height to width ratio of the structure is
more than 5 or if the natural frequency in the first mode of vibration is less than 1 Hz.
Boverket (1997) on the other hand has the same criteria for the height to width ratio
but states that a dynamic analysis is required if the eigenfrequency is lower than 3 Hz.

Generally, the stiffer a building is, the higher the first natural frequency becomes. A
stiff structure will follow the shifting wind load without an accumulation of the lateral
deflections and therefore the design parameter is the static load effect. For a flexible
structure on the other hand, the first natural frequencies are often low and thereby
closer to the frequency of the wind. In this case the building will tend to follow the
shifting wind load with an accumulation of the lateral deflections; hence the building
may start to oscillate.
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The major effect that has to be considered when designing buildings subjected to
dynamic loads is the acceleration. Lateral acceleration of a structure occurs when a
building is suddenly loaded in the lateral direction. The effects of lateral acceleration
are described further in Section 7.5.4.

7.5.2 Lateral deflection

Both the reference building and Concepts 3 and 4 are stabilised by a concrete core in
the middle of the building. The stabilising member is considered to be slender.
According to Section 3.1.2 a slender building subjected to lateral load is behaving
predominantly in flexure. The lateral deflection of a structure behaving mainly in
flexure can be calculated according to Equation (25), which can be derived from
(Engstrom, 2011).

_ 1 M(z;) 25
u(zy)) = fo El(z) (z; — 2)dz (25)
u(z,) Deflection in the wind direction at the height z,
M(2) Bending moment at the height z,
E Elastic modulus of the material in the member
1(zy) Second moment of inertia of the stabilising core at the height z,
z Coordinate along the longitudinal axis

Whether the lateral deflection at the top of the building is acceptable or not can be
evaluated with a drift index. There is no specific limit for the drift index, but an
example of a drift index is shown in Equation (26).

Umax _ 1 H (26)
<— <—
H ~500 = “m& =T
Umax Maximum deflection at the top of the building
H Height of the building

In general the limit of the maximum lateral deflection is lower for residential
buildings than for office buildings. However, the dynamic comfort criterion is not
automatically fulfilled, when the criterion for the lateral deflection is fulfilled.

7.5.3 Natural frequency

An approximate value for the fundamental frequency can be determined according to
Equation (27). The equation is based on Rayleigh’s method and takes differences in
the applied load and weights of different storeys into account. For the wind load, F;,

the statically equivalent load due to wind is to be used.

£ = i g % Fy (27)
" 2m X Wi
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F; Equivalent lateral load at the i:th storey
U; Lateral deflection at the i:th storey
W, Weight of the i:th storey

It can be seen in Equation (25) and Equation (27) that the factors influencing the
dynamic response presented in Section 7.5.1 have an influence on the natural
frequency of buildings. A structure with a high stiffness has a lower lateral deflection
then a structure with low stiffness. A low lateral deflection results in a higher natural
frequency. In addition the lower the mass of the structure is, the higher the
eigenfrequency becomes.

7.5.4 Acceleration

A high-rise building can experience two types of accelerations, along-wind
accelerations and cross-wind accelerations. When performing a check of the dynamic
structural response of buildings due to wind load, both types need to be considered.
The along-wind induced accelerations can be analysed by the gust factor method
which provides an estimation of the peak dynamic response. For the cross-wind
acceleration there is no corresponding method available. The most accurate method is
to perform wind tunnel tests. Nevertheless, a rough estimation can be made by
empirical formulas. Even though the cross-wind accelerations might become larger
and more critical only the along-wind accelerations were considered in this project.
This is since this method is more accurate and since the aim was to evaluate the
consequences on the dynamic response when implementing timber in the structural
system.

The equations for the maximum acceleration differ between different parts of
Eurocode. For the calculations made in this project part 1-4 in Eurocode 1, CEN
(2008c) and The Swedish National Annex, Boverket (2013), were used. The
maximum along-wind acceleration can be determined from Equation (28).

Xmax (Z) = kpo-jc' (Z) (28)
k, Peak factor
0x(z) Standard deviation of the acceleration

The standard deviation of the acceleration is calculated according to Equation (29).

04(2) = 3L,(z2)Rqp, (Z)bcf¢1,x(z) (29)
m
1,(z) Turbulence intensity at the height z
R Factor for the resonance response
qm(2) Wind velocity pressure at the height z for a return period of 5 years
b Width of the building perpendicular to wind direction
cr Force coefficient factor
h1.(2) Deflected modal shape of the building
m The equivalent mass of the building per unit area

The peak factor is determined according to Equation (30).
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0.6
v 2In(vT)
v Up-crossing frequency

T Averaging time for the mean wind velocity

k, =2In(vT) + (30)

A higher mass and higher damping result in a lower acceleration. Consequently, a
higher natural frequency results in a higher acceleration. Hence, the acceleration of a
structure can be limited by ensuring that the structure has a sufficient weight or
damping properties. In addition a slight reduction of the acceleration can be achieved
by increasing the stiffness of the structure.

If the dynamic movements of a structure are too large, the occupants of the building
can experience anxiety and nausea and the building can be considered to have
insufficient comfort. When evaluating the human response to vibration of a structure
the acceleration is the most important parameter. Today, there are no specific limits
for comfort criteria.

In Table 54 approximate values of the human behaviour and motion perception for
different ranges of accelerations are described. The values and information in Table
54 are directly taken from Stafford Smith & Coull (1991).

Table 54 Description of the human behaviour and motion perception for
different range of accelerations.

Acceleration [m/s] Human perception

<0.05 Humans can not perceive motions

0.05-0.10 Sensitive people can perceive motions. Hanging objects
may move slightly.

0.10-0.25 Majority of people will perceive motion. Level of motion
may affect desk work. Long-term exposure may produce
sickness.

0.25-0.40 Desk work becomes difficult or almost impossible.
Ambulation still possible.

0.40-0.50 People strongly perceive motion. Difficult to walk
naturally. Standing people might lose balance.

0.50-0.60 Most people cannot tolerate motion and are unable to walk
naturally.

0.60-0.70 People cannot walk or tolerate motion.

>0.85 Obijects begin to fall and people may be injured.

7.5.5 Results from the dynamic analysis

As can be seen in Table 55 the natural frequencies of both the reference building and
the buildings in Concepts 3 and 4 are below 3 Hz; hence a dynamic analysis is
required according to Boverket (1997). In this project the dynamic analysis was
limited to a check of the along wind induced acceleration. For more details about the
calculations the reader is referred to Appendix D8. It should be noted that only
Concept 3 was evaluated. This is since the concepts are similar, but Concept 3 is
somewhat lighter.
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Table 55 Lateral top deflection, natural frequency and along-wind accelerations
for the reference building and Concept 3, where the acceleration is
calculated for a wind with a return period of 5 years.

Lateral top deflection Natural frequency  Along wind induced
acceleration, 5 year-wind

Wind Wind Wind Wind Wind from Wind from
from fromeast from fromeast north east
north north

Reference [38.50mm 10.7lmm 0.67Hz 1.38Hz  0.054 m/s’ 0.027 m/s?

building
Concept3 |[36.90mm 954mm 1.13Hz 241Hz 0.070m/s®  0.032 m/s

As can be seen in Table 55 the lateral deflections differ between the reference
building and the concepts even though the concrete cores have the same stiffness. The
difference occurs, since the equivalent horizontal load effects from unintended
inclination in the reference building are larger than for the concepts. However, the
higher self-weight of the reference building results in lower natural frequencies
compared to the concepts. The lateral deflections fulfil the criterion given in Equation
(26), which is the height of the building divided by 500, approximately a limit of 105
mm.

The most important effect is however the acceleration of the building. When the
buildings are subjected to wind, with a return period of 5 years from east, the
reference building and the buildings in Concepts 3 and 4 obtain almost the same
acceleration, which is in the order that humans cannot perceive. On the other hand,
when the buildings are subjected to wind from north, there is some difference in the
acceleration between the reference building and the concepts. The reference building
is close to the limit where humans can not perceive the motion; only the very sensitive
humans can perceive the motion. For the concepts sensitive humans can perceive the
motions. It is therefore important to consider the acceleration in timber buildings,
because the acceleration will increase in comparison to similar but heavier concrete
buildings.

In Bjertnaes & Malo (2014) the accelerations for the timber building Treet, in Bergen,
are presented. Bjertnzs and Malo have calculated the accelerations from a wind with
a return period of 1 year. The Swedish National Annex, Boverket (2013), states that a
wind with a 5 year return period should be used for acceleration calculations.
However, from the data presented in Bjertnaes & Malo (2014) the factor used to
calculate the wind with a 1 year return period could be determined. The accelerations
for the reference building and Concept 3 using a wind with 1 year return period could
be calculated and compared to the accelerations obtained in Treet, see Table 56.

CHALMERS Civil and Environmental Engineering, Master’s Thesis 2015:129 97




Table 56 Top accelerations for the reference building, Concept 3 and Treet in
Bergen, Norway, for a wind with a return period of 1 year.

Along wind induced acceleration, 1 year-wind

North East
Reference building 0.034 m/s* 0.016 m/s”
Concept 3 0.043 m/s* 0.019 m/s*
Treet, in Bergen 0.051 m/s’ 0.048 m/s”

As can been seen in Table 56 the accelerations obtained for the reference building and
Concept 3 are lower than the accelerations for Treet. However the accelerations are
still in the same magnitude.
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8 Analysis of promising timber concepts

The two promising concepts were evaluated with regard to the objectives of the
project. The analysis concerns the consequences regarding sectional forces, global
equilibrium, needed size of the load bearing elements, the layout of the floor plan,
differences in vertical displacements and the dynamic response of the structures. In
the discussion there are also general remarks about the consequences and possibilities
of choosing timber instead of concrete and steel.

8.1  Size of individual members and layout of floor plan

From the component study and the development of structural systems it can be
concluded that timber elements can be used for all structural components when
regarded as isolated elements. All components investigated were designed with regard
to the ultimate limit state and the serviceability limit state. However, a consequence of
using timber is that the dimensions become larger than for concrete and steel. Hence,
the spans need to be limited in order to obtain acceptable dimensions. Nevertheless, it
is important to have in mind that the global performance of the structural systems
needs to be considered as well. The discussion concerning consequences of the global
behaviour is presented in the following sections.

According to Section 5.4 it was concluded that timber floors are suitable to use
provided that the floor span is limited to approximately 8 metres. In cases where there
are requirements of large spans, which often are the case in office buildings, more
beam-column lines might be needed as an outcome of the limited floor span. More
beam-column lines result in additional columns, which make the layout less flexible.
However, it is important to be aware of that more columns do not necessarily mean an
interference with the floor plan. When developing the structural systems it was seen
that the columns could be arranged differently compared to the reference building,
creating shorter span and still not interfering with the activity in the building. Still,
more beams and columns are used in the developed concepts compared to the
reference building. A close collaboration with the architect and the client can support
a good design that enables an open floor plan, even though more beam-column lines
are used.

The requirements of a building differ depending on the intended applications of the
building. For example office buildings usually demands larger floor spans compared
to residential buildings. The imposed load is the same for a residential building and an
office building. Altogether this can make residential buildings more suitable for
timber floors. This is since the spans for timber floors need to be limited in order to
fulfil requirements regarding the serviceability limit state and in order to reduce the
height. On the other hand, a residential building has higher requirements concerning
vibrations and sound insulation and thereby sufficient performance can be harder to
obtain.

To use timber floors instead of concrete floors is almost a prerequisite, if timber
beams and timber columns are to be used in a structural system. This is since the
weight of a concrete floor is more than twice the weight of a timber floor. If choosing
a concrete floor the dimensions of the beams and columns would need to increase or
shorter spans and more columns would be needed in order to limit the dimensions
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Timber beams proved to need considerably higher sections than steel beams and
therefore steel is considered to be the best option when considering the beams. It is
important to have in mind that the aim is to develop a structural system that is
efficient. The use of steel beams instead of timber beams enables larger spans without
a consequence of high sections.

On the other hand the consequence regarding dimensions when using CLT-walls
proved to be relatively small. They became somewhat larger than the corresponding
concrete walls but an increase of the thickness of a wall does not necessarily mean a
reduction of the floor area.

8.2  Vertical displacements

The results for the vertical displacements in Section 7.3.2 show that it may be
problematic to combine a timber system with a stabilising concrete core. For both
concepts the concrete core has relatively small vertical displacements in comparison
to the vertical displacements of the timber systems. However, the results obtained are
theoretical and could probably be decreased by controlling the environment of the
timber products and choosing the material more carefully. Still it should be noticed
that there is a risk of large differences in vertical displacements and thus measures
should be taken to reduce negative consequences. The promising concepts need to be
provided with connections between the concrete core and the timber system that allow
different vertical movements and still resist horizontal forces. This could compose a
difficulty when choosing a mixed structural system with a concrete core and a timber
system. Another solution is to avoid a concrete core and brace the system with a
timber framework or using timber shear walls instead. The vertical displacement
would still be of the same magnitude, but the difference between the bracing system
and the vertically load resisting system would be smaller.

In the component study dimensions for diagonal and chevron bracings are presented.
The bracings were designed with regard to wind load acting on a fictive 15 storey
building. It could be seen that the dimensions were similar to the ones in Treet, even
though the conditions differed. This indicates the possibility of using timber in a
bracing frame structure to obtain global equilibrium without undesirable differences
in the vertical displacements. However, it is important to consider that such solution
becomes lighter than a system with a concrete core, which may result in consequences
such as need of anchorage and higher accelerations. The consequences of having a
light structure are discussed further in Section 8.4.

8.3  Capacity of timber cassette floor elements

Generally a concrete floor is considered to have sufficient stiffness to transfer lateral
loads to the bracing members. Timber cassette floors on the other hand do not have
the same stiffness and therefore it was of interest to check the in-plane response of
timber cassette floor elements. The results from the analysis of the cassette floor
proved that it has sufficient capacity to resist the effect from lateral loads. This
provided that the connections between floor elements and between the floor structure
and the core have sufficient capacity. However, it is important to have in mind that
the results only are valid for the specific floor investigated.
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Nevertheless, it can be concluded that using timber cassette floors may not be a
problem as long as the engineer makes a careful design of the connections. The
connections used in the project could easily be more efficient by using other fasteners,
decreasing the spacing and/or by using a different solution.

8.4  Weight of the structure and sectional forces

The two promising concepts became as expected lighter than the reference building.
From the results it can be seen that the reduction of the weight was in the order of
50 % compared to the reference building.

A positive aspect of having a lighter building is that the foundation work can become
less extensive, especially if the building is located on soil with poor load bearing
capacity such as clay. In such areas the amount of piles could be reduced and/or
smaller piles could be used. A less extensive foundation work is positive with regard
to the construction time, economy and environmental impact.

On the contrary, a negative aspect of having a lighter building is that the global
equilibrium and an acceptable dynamic behaviour might be harder to obtain.
Regarding the global equilibrium, for a lighter building there may be a higher risk for
tensile stresses in the bracing members or tilting of the building is not anchored
properly. However, for the buildings investigated in this project the effect of having a
lighter building was not large. The results show that the concrete core in all the
concepts would experience somewhat larger tensile stresses than the concrete core in
the reference building. The increase of the tensile stresses is small, since the tributary
area of the floor that is resisted by the core is small; hence the concrete core itself is
designed to fulfil global equilibrium. If choosing a timber system stabilised by a
concrete core, the aim should be to load the core as much as possible with vertical
load in order to decrease the tensile stresses in the core.

Nevertheless, in cases where a building is not stabilised by a heavy concrete core
there might be problems with the global equilibrium, if no other measures are taken.
The risk of tilting can be prevented by anchoring the bracing members to the
foundation and/or by increasing the vertical load on the bracing members.

8.5  Dynamic response

Since the human perception of motion is individual, there are no exact limits for the
maximum allowed acceleration in a building. It should also be noted that acceptable
limits of acceleration differ depending on the application of the building. A higher
acceleration is generally accepted in an office building compared to a residential
building.

The accelerations obtained in this project can be considered to be acceptable with
respect to the approximate values of human perception of motion given in Table 54.
In addition the values obtained in the project coincide with the values of the
accelerations in the building Treet in Norway. However, it should be noted that it is
possible that the cross-wind acceleration are more severe. Nevertheless, it could be
concluded that, since the mass of the buildings in the promising concepts is
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significantly lower than for the reference building, the acceleration increases.
Therefore it is important that engineers are aware of that a building that utilises a
mixed structural system might have more problems with the dynamic response than a
concrete building of the same height, especially if timber is used to a great extent. For
this project the effect of the lateral loads is resisted by a concrete core with a high
stiffness. If the building is braced with timber members, the stiffness might be
decreased leading to increasing accelerations.

Furthermore, the reader should be aware of that the values obtained in the dynamic

analysis are approximate. In order to obtain more accurate results a FEM model or
wind tunnel tests are required. However, that was beyond the scope of this project.
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9 Conclusions and recommendations

The aim of the project was to develop possible solutions for mixed structural systems
for medium high-rise office buildings and evaluate the consequences of implementing
timber in the structural system. In this chapter conclusions and recommendations for
design of such buildings are presented with regard to the objectives of the project.

9.1 Consequences regarding needed size of load bearing
elements

e From the component analysis it could be concluded that the needed size of
timber members always becomes larger than for corresponding steel and
concrete members. However, it was shown that it was possible to use timber
members for all components in a 14- storey office building with regard to the
required resistance and performance in the ultimate limit state and the
serviceability limit state.

e The effective span of timber floors should be limited to 8-9 metres in order not
to limit the acceptable structural heights of floors. As a consequence of
reducing the effective floor span more interior beam-column lines are needed.

e Using timber floors instead of concrete floors is almost a prerequisite, if
timber beams and timber columns are to be used in a mixed structural system.
Otherwise the dimensions of the beams and columns become too large.

e For office buildings where long spans are demanded, it may be better to use
steel beams instead of timber beams. This is since the cross-section of timber
beams becomes very high. Timber beams are better suited in buildings where
the spans can be limited, for example residential buildings.

e The results indicate that CLT-walls may be a possible alternative to concrete
walls. This provided that timber floors are used in order to limit the permanent
loads on the walls.

9.2 Consequences regarding sectional forces and global
equilibrium
e Ifa lighter material such as timber is to be used for the bracing system, it is
important to ensure that lifting of the structure is prevented.
e It is beneficial that the bracing walls resist as much vertical load as possible in

order to prevent the need for tensile capacity and anchorage due to the effect
from lateral loads.

9.3 Consequences regarding vertical displacements

e The major challenge with a system composed of a concrete core and timber
systems are the different vertical displacements. Either the connections need to
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9.4

9.5
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allow for different vertical displacements or different displacements need to be
avoided.

Compressive stresses perpendicular to the grain should be avoided in order to
limit the vertical displacements.

Consequences regarding the dynamic response

Since the weight of a timber building is smaller compared to a corresponding
concrete building, the acceleration becomes higher. It is therefore important
that the engineer is aware of that unacceptable accelerations may arise in taller
mixed structures with timber, even though a similar structure in concrete and
steel usually poses no problem.

For the dynamic response it is important to provide the building with
sufficiently high mass and ensure that the stiffness of the bracing members is
high.

General conclusions and recommendations

It proved to be hard to advocate timber in a mixed structural system by only
considering its structural properties. If timber is to be used to a great extent, it
may be necessary to highlight other aspects such as a less extensive foundation
work, architectural expression, traditions and/or environmental and social
benefits.

A prerequisite for timber to be advocated is that the use of timber does not
contribute to any major problems and additional costs compared to a
conventional solution in steel and concrete. It is therefore important to ensure
that timber is used where it is best suited and that there are simple and
elaborated solutions available.

However, the investigations made in this project indicate that using timber in a
mixed structural system for medium high-rise buildings is highly possible.
Still it is important that the engineers are aware of the problems that might
arise, when a structure becomes lighter, less stiff and when combining
different materials. It is also important with a close collaboration between
clients, architects and engineers so that any problems can be foreseen and
handled in an early stage.
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9.6 Recommendations for further investigations

In the list below recommendations for further investigations concerning the
consequences of implementing timber in medium high-rise buildings are presented.

e For this project a preliminary design was performed for a structural system
with a beam-column system in timber and steel and a bracing system in
concrete. If timber is to be used more in the future, it would be of interest to
investigate the consequences of other arrangements of structural systems.
Examples of systems that could be investigated further are frame structures in
timber such as the one used in the timber building Treet or systems braced
with timber shear walls.

e The analysis of the vertical displacements showed that differences in vertical
displacements may be a challenge in mixed structural systems. For future
work it would be of interest to analyse the consequences of vertical
displacements more thoroughly. In addition it would be of interest to
investigate various measures that can be performed in order to prevent large
differences in vertical displacements and connections that can allow for
different vertical movements still transferring horizontal forces.

e For the type of structural system investigated in this project it was not a
problem with lifting due to low tensile stresses in the bracing members.
However, this might be a problem, if a heavy concrete core is not used.
Therefore it is of interest to investigate the consequences regarding global
equilibrium for other types of mixed structures. For example mixed structures
with timber shear walls or mixed structures braced by timber frames.

e A positive aspect of using timber to a great extent is that the building becomes
considerably lighter and thereby the foundation work can become less
extensive. Therefore it would be of interest to investigate the savings that can
be achieved with regard to economy and environment if using timber in a
mixed structural system. By highlighting the economic and environmental
benefits of a less extensive foundation work, as a result of using timber in the
structural system, it can be easier to advocate such systems for a client.

e Since it could be seen in the dynamic analysis that a lighter building
influenced the accelerations negatively, it may be of interest to perform a
deeper analysis of this. Especially for a building stabilised with timber instead
of a heavy concrete core, since the dynamic response also depends on the
stiffness.

e Inthis project only the structural consequences of implementing timber have
been evaluated. Even though it is possible to implement timber into medium
high-rise buildings it proved to be hard to advocate a structural system where
timber is used to a great extent if only considering its structural properties.
Thus, it would be of interest to also investigate the environmental aspects and
cost efficiency, both during construction and during the service life, as an
outcome of implementing timber into structural systems.
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Appendix Al: Columns N o KN

In this appendix the procedure of how columns have been calculated is presented. The results are
presented in Section 5.2.

A1.1 Vertical load

The columns are designed to withstand some loads. These loads are aprroximately loads that can
arise in columns for a building with 15-storeys, if using timber floors.

ii=0.7
0.5

8 different ULS loads for the columns P :=

~N O BN =

A1.1.1 Fire load case

Load relation between fire load case r:= 0.533
and the ULS load case

Load fire case, 8 different loads Pﬁreii =Py
0.267
0.533
1.066
1.599
Phire = | 5 130 | MY
2.665
3.198

3.731

Charring depth for 90 minutes d

mm _
har.0 = 0.65——-90min = 58.5-mm

min

A1.1.2 Height of the column

Buckling length heolumn =
(Assumed to be the same
as one storey)

3.6m



A1.2 Timber columns

Calcualtions have been performed according to SS-EN 1995-1-1:2004. All references made refers
back to this eurocode

A1.2.1 Dimensions

A1.2.1.1 Glulam columns i=0.7

The dimensions were changed during the project to those that was of interest. Here the values for
the presented in Section 5.2 are shown but the same document was used when performing
calculations that are presented in Chapter 6.

2-140
2-165
2-165

i 2-215
Width of the beam

Wolulam = 2215 mm
3-190
3.215 0.163
3.215 0.213
0.213
Width in case of fire, Wfire. = Wolulam. ~ 2'%char.0 Wiire = 3.313 m
after 90 minutes 1 i 313
0.453
0.528
6.45 0.528
6-45
845
4
Height of the beam hglulam = 192.455 mm
12-45
12-45
14-45 0.153
0.153
0.243
Height in case of fire, 0.288
after 90 minutes hfnrei = hglulami = 2:dcharo Dfire = 0.423 m
0.423
0.423
0.513
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0.076
0.089
0.119

h 0174 | »

I A = .
Area of the beam section glulami glulami glulami Aglulam _ 0232

0.308
0.348
0.406

A1.2.1.2 Solid wood columns n:=0.6

Here, common dimensions for solid wood columns have been used. Only the greatest dimension
have enough capacity to resist 0.5 MN. Se further down.

95mm
120mm
145mm
Dimension of one side of the beam agolid = | 170mm
195mm
220mm 9.025 x 10 °
225mm 0.014
0.021
; Anid = (8l 2 A = m2
Area of the beam section solid - ( sohdn> solid 0.029
0.038
0.048
A1.2.2 Material data for timber 0051
A1.2.2.1 Characteristic strenght value
Compression parallell to grain fc.o.k.glulam = 30.8MPa (Assume strenght class L40c)
f. 0 k.solid = 26MPa (Assume strength class C40)
Elastic modulus EO.OS.glulam = 13000MPa

E(.05.s0lid = 9400MPa

Partial factors: YM.glulam = 1-25
TM.solid = 13

Assuming long term load and service class 2
Strength modification factors Kod glulam = 0.7

Kmod.solid = 0-7
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Deformation modification factors Kgef = 0.8

0.1
. 600mm
Effect of member size ky glulam.y. = min| [—j S if hglulam < 600mm
: 71 i

hglulami

eq. 3.2 in section 3.3

1 otherwise

0.1
. . 600mm )
kh.glulam.z. = | mimn 1.1 if Wolulam, < 600mn
! Welulam, i

1 otherwise

150mm

eq. 3.1 in section 3.2 kh~501idn o i
solid

0.2
j 5 1.3 if aSOlidn < 150mm

1 otherwise

A1.2.2.2 Design strenght values for ULS
f

; ; c.0.k.glulam
Compression paraliell to grain fc.O.d.glulam.y. = kmod.glulam'kh.glulam.y.'
! I M.glulam
. fc.0 k. glulam
fc.O.d.glulam.Z. = kmod.glulam'kh.glulam.z.'
! I M.glulam
. fc.0 k.solid
fc.0.d.solid_= ¥mod.solid ¥h.solid "
n " YM.solid
A1.2.2.3 Design strenght values for the fire load case
Conversion factor for timber Knodfi= 1.0
Modification factor for glulam kg glulam = 1.15
Partial factor for fire in timber ML= ]
oo . fe0kghlam o
Design load for fire load case dfi = Kmod fi fi.glulam’ =200 Mba

TM.fi
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A1.2.3 Capacities to be checked

Modelling the diagonal bracing as a column subjected to compression, they should therefore fulfill
the following expression:

eq. 6.23 in section 6.3

Critical axial load:

A1.2.3.1 Glulam column

z

Second moment of inertia and slenderness with respect to both directions.

3 3
ngulami'(hglulami> (ngulami> 'hglulami
Iglulam.yyi = 12 Iglulam.zzi =

12

Iglulam.yyi

Iglulam.zzi

i =
glulam.yi : A i —
. lulam.z. -
glulam, g i Aglulami
. Bcolumn ) heolumn
>‘glulam.y. S >‘glulam.z. S
! 1glulam.yi ! 1glulam.zi

A1:5



. — )\glulam.yi. fc.O.k.glulam el e = Xglulam.zi. fC.O.k.glulam
' & n EO.OS.glulam ' i 21y EO.OS.glulam
0.716 0.69
0.716 0.586
0.537 0.586
0477 0.449
Nrel glulam.y = | 35 Arel.glulam.z = | 40
0.358 0.339
0.358 03
0.307 03

Reduction factor of the strength for both direction, kc.

Be.glulam = 0-1

2 . .
kglulam.yi = 0'5'[1 + 6c.glulam' (>‘1rel.glulam.yi - 03) + (Xrel.glulam.yg J €q. 6.27 in section 6.3
K =051 N 2
glulam.zi =051+ 6c.glulam’( 1rel.glulam.zi - 03) + (Xrel.glulam.zg

1

k =
c.glulam.y. -
& i K + 1k 2_ 2 eq. 6.25 in section 6.3
glulam.y. glulam.y. rel.glulam.y.
1 1 g y1
1

k =
c.glulam.zi 5

2
kglulam.zi + j (kglulam.zi> B (Xrel.glulam.zg

Critical axial load and the capacity fo the column in ULS

g
By the condition given for columns, _c0d <1 the maximum compression stress can be

k.. -f
calculated as: cy ¢0.d

0c.0d= kc'fc.O.d1

Maximum stress with regard 9¢.0.d.glulam.y, = c.glulam.yi'fc.O.d.glulam.yi
to y-direction

Maximum stress with regard

0 zedlirection 9¢.0.d.glulam.z, = c.glulam.zi'fc.O.d.glulam.Zi
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Maximum axial load with regard
to y-direction

Maximum axial load with regard
to z-direction

Maximum axial load

N

N

N

cr.glulam.y, = 9¢.0.d.glulam.y;

cr.glulam.z; = 9¢.0.d.glulam z,

'Aglulami

'Aglulami

Critical axial load and the capacity fo the column in case of Fire

Maximum stresses with regard
to y- and z-direction

Maximum axial load with regard
to y- and z-direction

Maximum axial load

Check of the ULS load case

Capacity, Nrd

1.309
1.543
2.087

3.049

Ncr.glulam = 4001

5.313
6.008
7.004

Check of the Fire load case

2.481
2.925
4.036
6.031
cr.fire = 8.074
10.831
12.256
14.382

9¢.0.d fire.y, = kc.glulam.yi'fd.ﬁ
9¢.0.dfire.z, = Ke.glulam.z; Td.f
Y; = O-c.O.d.ﬁre.yi'Aglulami

z. = O'c.O.d.ﬁre.zi'Aglulami

Ncr.fnrei = min(NZ, ’Nyi>

1

Applied load, Ned

0.5

~N O BN =

0.267
0.533
1.066
1.599
Pire = | 5 35 |MN
2.665
3.198

3.731

A17

cr.glulam, = min(Ncr. glulam.y,” Ner. glulam.zi>

Utilisation ratio

P

Ner. glulam

Pﬁre

cr.fire

0.382
0.648
0.959
0.984
0.995
0.941
0.999
0.999

0.107
0.182
0.264
0.265
0.264
0.246
0.261
0.259




A1.2.3.2 Solid wood column

3
a . . a .
sohdn ( sohdn>

Second moment of inertia Lohd =
n 12
1 .
. sohdn
Isolid_ =
n Agolid
n
N B heolumn
Slenderness solid = . 2.198
n Igolid
n 1.74
T 1.44
N _ M feoksolia N 1as
Relative slenderness rel.solid = [ g ] rel.solid = | *
0.05.solid
1.071
0.949
Reduction factor for the strength, kc 0.928
Be.solid = 0-2
=0 1 A 0 A 2
Ksolid = 031+ ﬁc.solid'( reLsolid ~ -3) + ( rel.solidn> eq. 6.27 in section 6.3
k = 1
c.solid -~ eq. 6.25 in section 6.3

2 2
Ksolid_ + j (ksolid ) - (Xrel.sohd)
n n n

Critical axial load and the capacity fo the column

g
By the condition given for columns, _c0d <1 the maximum compression stress can be

k.. -f
calculated as: cy ¢0.d

0c.0d= kc'fc.O.d1

Maximum stress 0'c.O.d.solidn = kc.solidn'fc.O.d.solidJ

Maximum axial load Nersolid_ = 9c.0.dsolid “Asolid_
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Capacity, Nrd Applied load, Ned

0.5
0.026

0.061
0.121
0.213 |-MN P=
0.339
0.493
0.526

Ner solid =

~N O BN =

A1l.3 Concrete columns
Columns have been designed according to Eurocode SS-EN 1992-1-1:2005.

A1.3.1 Dimensions

Height of the column heolumn = 3-6 m

. 2 2 2
Cross-section area of the column A, = 0.04m™,0.041m".. 0.3m
Sides lengths of the column, )
assuming quadratic cross section b(AC) o \]AC h(AC) o \]AC

Distances from top of cross-section d(AC) = /AC — 0.05m
to the reinforcement, concrete
cover 50 mm. d := 0.05m

A1.3.2 Material data for reinforced concrete

Partial factors N =13 (Conerete)
g = 1.15 (Reinforcing steel)

A1.3.2.1 Concrete N 30/37
fck

Concrete strength fox == 30MPa f.g= — = 20-MPa
e

Mean strength fom = 38MPa

Elastic modulus E. = 33GPa

. . ECl‘l’l

Design value for elastic modulus Vg = 1.2 E.qi=—— =275GPa

cE
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A1.3.2.2 Reinforcement B500B

Reinforcement strength

Elastic modulus

Strain limit for reinforcement

Assume 16 mm reinforcement bars
Area of one bar

A1.3.2.3 Creep coefficient
Final creep coefficient

Indoor environment, assumed

Notional size
(assuming quadratic cross-section)

fyk
fyk = 500MPa fyd = — = 434.783-MPa
s
Eg := 200GPa
f,
d _
Eyqi= - = 2174 10
E
s
¢ := 16mm
2
Ag = ﬁ(g) = 201.062~mm2
2

|('Pef = PRH 6(fcm)' 600)1

eq. B.1 in Appendix B

RH := 50%

2.A,
hO(Ac :

)':TFC

0.7
Factor to allow for the effect of “PRH( Ac) =1+ 1 - RH [ 35MPa
relative humidity f, > 35MPa 3 1000 \ ‘em
0.1 hO(AC)~T

eq. B3b in Appendix B
Factor to allow for the effect of Bfom = 2.73
concrete strength
Factor to allow for the effect of . .
concrete age at loading, (assuming Bro = 0.2 = 0.488 €q. B.5 in Appendix B

0.1 +28"

loading after 28 days)

Creep coefficient

“Pef(Ac) = “PRH(AC)' BfemBro
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A1.3.3 First order moment, with regard to unintended
imperfections

A1.3.3.1 Unintended imperfections

Imperfections is represented as an inclination according to section 5.2 in EC2.

Basic value 60 = L =5x%x10 3
200
column
m
i i 2 . 2
Reduction factor for height op= |7 if oy <o
2
Oth if g SOthS 1
1 otherwise
OLh =
m, = 1 Load effect is calcualted for one column
Reduction factor for number o= (0.5 1+ 1 =1
of members mg
-3 . .

Unintended inclination 0; = By =5x 10 | €0 5.1 in section 5.2

h

column -3 . .

Additional first order eccentricity = ei'T =9x10 "m €q. 5.2 in section 5.2
No horisontal forces, hence ep:=10
First order moment MO.Edii = Pii(eo + eix
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A1.3.4 Second order moment
If the column is slender the second order moment must be considered.
A1.3.4.1 Slenderness

Second moment of inertia Ic( Ac) =
12
L.(A,
c\"¢C
lc(Ac) = A,
hcolumn
Slenderness >\C( Ac) ==
lc(Ac)
Relative normal force nC(AC) = P eq. 5.13N in section 5.8
fcd'Ac
N A) e 10.8
Slenderness limit C-lim( C) - m eq. 5.13N in section 5.8
c\"'¢C

(Values given in EC2 has been used when calculatin 10.8, it
is on the safe side to use 10.8. If more accurate a higher
value will be obtained.)
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Condition when column is regarded as slender

Slenderness of the columns
80 T T T

Slenderness

Area [m"2]

The column is slender for almost all the loads and areas, therefore taking into account the second
order effect for all the cases. The declining line is the limit for when a column is slender or not. If the
lines that are increasing are below the decreasing line, the correpsonding column is slender.
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A1.3.4.2 Second order moment

S
Design moment, including second Mgq:=|1+ —= ‘Mg Ed eq. 8.28 in section 5.8
order effects Np . ’
NEq
Approximate value of nominal EI(AC) = LEC({ IC(AC)
stiffness 1+ 0~5'“Pef(Ac)

(Stiffness from the reinforcement is neglected, safe side)

’IT2 EI(A,)
Ch Np(A) = ———
ritical load C 2
heolumn
Critical load and applied load
3x 107 T T T
= Critical load
Ny(Ad) eeees 0.5 MN
P, 1 MN
oo ===2 MN
Py
2x10'F 3M .
P2 -===- 4 MN
Z. P —- 5MN
o === 6 MN
g
A ooees | — 7 MN
Ps
— - 70 B
P 1x10
P; —cmemememeg/imemomememams
/)
0 aswde. r ) 1
0 0.1 0.2 0.3 0.4
AC
Area [m"2]
Factor depending on 1st and 2nd By =1
order distribtuion
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Design moment, first and second
order moment. 0.5 MN axial load.

1 MN axial load

2 MN axial load

3 MN axial load

4 MN axial load

5 MN axial load

6 MN axial load

7 MN axial load

MEq o(Ac) =

MEgq 1(Ac) =

MEgqo(A,) =

MEq 3(Ac) =

MEd.4(Ac) =

MEgq 5(Ac) =

MEgq 6(Ac) =

Mg 7(Ac) =

A1:15
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1+

1+

1+

1+

‘M
O.Edo

'MO.Edl

‘M
O.Ed2

‘M
O.Ed3

‘M
O.Ed4

‘M
O.Ed5

‘M
O.Ed6

‘M
O.Ed7



A1.3.5 Sectional analysis in ULS

Check the moment capacity in state Il assuming a rectangular compression zone

o= 0.810
B:=0416
Ecu = 3510 °
-3
Eyq= 2174 x 10
d’ fs’
L] ] -]-— I —
X ; - <
d "/ < | Med
/ Ned
fS -
L] ] -

A1.3.5.1P=0.5MN

Assume that all the reinforcement is yielding and using 4 bars in total.

o fog bx = |~NEd1

The first area that has higher capacity b := 0.224m
than the critical axial load, 0.06m2 P

0
= —— =0.138m

dg = by - 0.05m = 0.174m

X4 OK

X0
dy — %
X0

. -3
€50" €y = 223 x 10

4 NotOK

€g0 = €en = 9.199 x 10

Assume A’s is yielding and As not

o= 0.1m

do — %o
Xo= roo{@fcdboxo - Eg % 'Ecu'z'Asi + fyd'z'Asi - PO,XO
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3 Not OK!

€6 0n= oy =207x 10

3 OK! (not yielding)

€= oy = 1477 % 10

Assuming both com pression and tension reinforcement not yielding

o= 0.1m
- d do — XO
X0,:= root O"fcd'bO'XO +Eg €on2-Agi — Eg €ou2-Agi Po,xo
X0 X0
X0 = 0.123m
, X - & -3
€ = €y = 2.082x 10
X0 No one is yielding, OK!
dy - xg _3
€.n.= €en = 1.434 x 10
X
0

Capacity of the column

b9
Mp40 = cx~fcd-b0~x0-(do - 6~x0) + ES~€’S'0~2~ASi~(dO - d’) - PO-(dO - 7) = 44.7-kNm

A1.3.5.2P=1MN
Assume that all the reinforcement is yielding and using 4 bars in total.
fgbx=1-Ngq
Cleqgb-x=1-NEgq

The first area that has higher capacity b := 0.266m
than the critical axial load, 0.071m2 P

1
X|=—/—= 0.232m
dl = bl —0.05m=0.216m

- ¢ - OK
oy = 2746 107"

€ 1=
s.1-
X1

x| =4y 4
€gy = 2422 % 10 Not OK

E.1:=
s.1-
X1

A1:17



Assume A’s is yielding and As not

= 0.Im
dj - x4

A= root[@fcdbl-xl - Es' »

o 2-Agi + fygr2-Agi - Pl,xlj

x; = 0.198m
xp—d’ _ K!
€= eog=2614x10 0 O
X1
di — x
17X _
€ = “Eoy = 3:263x 10 4 OK!
X1
Capacity of the column
b
, ] 1
Mgy, 1 = ofogbpxp-(d) = Bxp) + Ege'g - 2:Ag(d) - d') - Pl{dl - 7) = 65.826-kNm

A1.3.5.3P=2MN
Assume that all the reinforcement is yielding and using 6 bars, 3 bars on the

compressive side and 3 bars on the tensile side.
]
af gbx=1-Ngg

The first area that has higher capacity by := 0.324m
than the critical axial load, 0.105m2 P
2

Xy 1= = 0.381m

o fcd' b

d2 = b2 —0.05m=0.274m

3 OK

X2 - d’ _
€gy = 3.041 x 10

€ ni=
s.2
X2

X - & -
- €y =9.832x 100" NotOK

€ =
s.2
X2

Assume A’s is yielding and As not

o= 0.2m

A1:18



dy —xy

Xa,= root[&~fcd~b2~x2 - Eg - Eoy 3 Agi t+ fyd'3'Asi - Pz,xzj

Xy = 0.32m
-4 _ OK!
s’s 2= €ey = 2952 x 10 3
X2
X~ dy _4
€ .= -€..=4.994 x 10 OK!
ABVAA X cu
Capacity of the column
b
MRy = ofogbyxp:(dy = Brxg) + Eg€'gp-3-Agir(dy — d') = Pyf dy — - = 92.39-kNm

A1.3.54P=3MN
Assume that all the reinforcement is yielding, using 8 bars.

|
afoqbx = 1-Ngg

The first area that has higher capacity b3 == 0.374m
than the critical axial load, 0.14m2 P
3

Xy = = 0.495m

d3 = b3 —0.05m=0.324m
S oK

X3 -d’ _
€gy = 3.147 % 10

€ n =
s.3
X3

X7 — d
_3 3 3 NotOK

€43 = €eu = 1.21 x 10

X
Assume A’s is yielding and As not 3

3= 0.2m
d3 —x3

X3,= root[cx- fcd'b3'x3 - Eg “ Ecu'4'Asi + fyd'4'Asi - P3,x3j

x3 = 0.417m
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X3—d’

€y = 3.

Capacity of the column

MRd3 = OLfcdb3X3(d3 - 6X3) + ESE’S34ASI(d3 - d’) - PS[

A1.3.5.5P=4MN

3 OK!

08x 10

Assume that all the reinforcement is yielding, using 10 bars.

|
afoqbx = 1-Ngg

The first area that has higher capacity b 4= 0412m
than the critical axial load, 0.17m2

Py
=0.599m

o fcd' by

b
d —
379

d4 = b4 —0.05m = 0.362m

€547

Assume A’s is yielding and As not

= 0.2m

Xa= I‘OOt[()L'fcd'b4'X4 - Es' -

x4 = 0.504m
X4 - d’
s’s A=
X4

X4 - d4
ES 4 =
X4

d4—X4

€s4 =

-3
‘Egy = 3.153x 10

€en = 9.866 x 10

4

X4—d’

X4

X4

.ECu.S.ASi + fdeASI - P

OK!

OK!

A1:20

X4 - d4 _
€y = 1.386 x 10

4’X4j

-3
‘Egy = 3.208 x 10

3

3} = 105.094-kNm

OK

Not OK



Capacity of the column

by
MRd.4 = ()L'fcd'b4'X4'(d4 - 6X4) + ES.E’S.4'5'ASi'(d4 - d’) - P4'(d4 - 7} = 86.188-kNm

A1.3.5.6 P=5MN
Assume that all the reinforcement is yielding using 12 bars.
]
of.gbx=1-Ngq

The first area that has higher capacity bs = 0.458m

than the critical axial load, 0.21m2 P

5
Xg = ——— = 0.674m

d5 = bs —0.05m = 0408 m

Xs—d’

, -3
€g5:= “Eop = 3:24x 10 OK
X5

X5 — ds

€55

e,y =1381x10 > NotOK
Xs

Assume A’s is yielding and As not

Xs = 0.2m
ds — x5
Xs,:= 1oot| a-f,q-bsxg5 — Eg: e Eon 0 Agi + fyd'6'Asi - PS,XS
x5 = 0.571m
) x5 —d’ ~3  OK!
A R " €y = 3.193 x 10
5
X5 — ds 4
Eoon= - Eop =998 x 10 OK!

Capacity of the column

b
, , 5
MRd5 = ()Lfcdbs)(s(ds - BXS) + ES'E SS6AS1(d5 - d) - Ps[ds - 7} = 103.146-kNm
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A1.3.5.7P=6MN

Assume that all the reinforcement is yielding using 14 bars.

|
afygbx=1Ngg

The first area that has higher capacity b 6 = 0.495m

than the critical axial load, 0.245m2

Assume A’s is yielding and As not

X = 0.2m

P root[cx- fcd'b6'x6 - Es'

xg = 0.635m
X6 —d’
€ pi=
X6
X6 — dg
g =
X6

Capacity of the column

dg — x¢

“€oy = 3224 x 10

“€oy = 1.048 x 10

A1.3.5.8P=7MN

Assume that all the reinforcement is yielding using 16 bars.

P

6
= — =0.748m

d6 = b6 —0.05m=0.445m

xg — d’
X6

€56~

X6 — dg
X6

€56~

Ecu'7'Asi + fy

3 OK!

3 okl

|
o foqbx = 1-Ngg

The first area that has higher capacity by := 0.534m

than the critical axial load, 0.285m2

Ps

X7 =

A1:22

a7 Asi

-3
€ou= 1.418 x 10

- P6,X6j

b

=0.809m

oy =3266x10 > OK

Not OK

, , 6
Mpg6 = (x~fcd-b6-x6-(d6 - B~x6) + Ege s_6-7-Asi-(d6 - d) - P6-(d6 - 7) = 94.279-kNm



d7 = b7 —0.05m = 04841’1’1

x7 —d’
l OK

, -3
€g7: €y = 3284 x 10

X7
3 Not OK

X7 = dy _
€gy = 1407 x 10

€.
s.7
X7

Assume A’s is yielding and As not

p.ove 0.2m
d7 = x7

p.ov root(&~fcd~b7~x7 - Es' -

ECu'g'Asi + fydgASI - P7,X7j

x7 —d’ 3 |
€ oqim ——— ey = 3246100 O
X7
x7 - dy _
Eoii= gy =1.043x 10> OKI
X7
Capacity of the column
b7
Mp47 = 0c~fcd~b7~x7~(d7 - 6~x7) + Ege s.7'8'Asi'(d7 - d) - p7. d7 - 7 = 110.253-kNm
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kNm := kN-m

Appendix A2a: Beams

Calculations for obtaining dimensions for beams, dimensions are presented in Section 5.3.
Dimensions for steel and concrete beams are obtained from tables and diagram from Tibnor and
Svensk Betong. Therefore these calculations regards only timber beams.

Calcualtions have been performed according to SS-EN 1995-1-1:2004. All references made refers
back to this eurocode.

A2.1 Loads

Imposed load, for a office building doffice = 3 kN
including the loads from partition walls m2

. N
Density for glulam, L40c Pglulam = 4300 -
(mean value) m

. N
Density for LVL, Kerto-S Ply1 = S100—
(mean value) m3
Self-weight of floor structure, including 25 kN
installations (assuming a heavy timber Sfloor == = 2
floor) m
Assumed tributary lenght l:= 6m

(this length was changed depending on ~
which tributary length that was of
interest)

A2.2 Glulam beams = 0.4

A2.2.1 Material data
Bending parallell to grain, glulam (L40c) fn. gk = 30.8MPa

Shear strength, glulam (L40c) f, gk = 3.5MPa

Elastic modulus (capacity analysis) EO.g.OS := 10500MPa

Elastic modulus EO.g.mean = 13000MPa
(deformation calculations)

Partial factor M.glulam = 1-23
A2.2.2 Dimensions

Height of one lamella: hjamel] = 45mm

A2a:1



15-h;
lamell 0675
17-hjamelt 0.765
Height of beam, hglulam = | 190 men hglulam =10.855
(changed to obtain 1035
correct utilisation ratio) 23-hpgment ’
1.17
26-hj3mell
165 0.165
190 0.19
Width of beam Wolylam = | 215 |mm Wolulam = | 0-215
2-115 0.23
2-140 0.28
Area of beam section Aglulami = glulami'wglulami

A2.2.3 Load combinations and load effects in ULS

Assuming simply supported beams to obtain worst case.

leulam.a. = 1.35~0.89~(gﬂ00r~1 + pglulam'Aglulam.> + 1.5qffice’] €9.6.10b in section 6.4 in
1 1 SS-EN1990

leulam.bi = 1'35'(gﬂ001r'1 + pglulam'AglulamJ + 1.5:0.79, '] £9-6.10ain section 6.4 in

SS-EN1990
45.598
45.773
‘ kN
leulaml = maX(leulam.aialeulam.bi> leulam =1 45972 ;
46.252
46.715
4
6
5 different spans that are used as lspan = 8 |m
design conditions 10
12

A2.2.3.1 Bending moment for a simply supported beam

Largest bending moment is to be found in the middle of the span.

Moment in a simply supported beam MEgq =

A2a:2



4 metre span

6 metre span

8 metre span

10 metre span

12 metre span

2
Q glulamy (lspan0>

A2.2.3.2 Shear force for a simply suppoerted beam

Largest shear forces is to be found in the ends of the beam.

Shear force in a simply supported beam

4 metre span

6 metre span

8 metre span

10 metre span

12 metre span

MEgq.4 = 2 = 91.196-kNm
2
Q glulam (lspanJ
MEq.6 = 2 = 205.98-kNm
2
Q glulam,’ (lspan2>
MEgqg = . = 367.778-kNm
2
Q glulamy’ (lspan3>
MEgd.10:= 2 = 578.155-kNm
2
Q glulam,’ (lspan 4>
Q1
Vpq=—
Ed )
Q glulam, lspano
VEd4 = - - 91.196-kN
Q glulam lspan1
VEd6 = - - 137.32-kN
Q glulam,’ lspan2
VEd8 = - - 183.889-kN
Q glulamy’ lspan3
VEd.10 = -, - 231.262-kN
Q glulam,’ lspan 4
VEd12= "> =280.29kN

2
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A2.2.4 Moment capacity

Assuming medium term load and service class 2

Strength modification factor

Deformation modification factor

Effect of member size

Section modulus

Second moment of inertia

Design value for bending
parallel to grain

Design value for shear

Moment capacity

Moment capacity

246.985
365.305
516.357
809.446

MRaq. glulam =

1259% 10°

-kKN-m

Kmod.glulam = 08 Section 3.2

Kief:= 0.6 Section 3.1

0.1

. . 600mm )

kh.glulam. = | n , L1 if hglulam. < 600mm
! glulami 1

1 otherwise
eq. 3.2 in section 3.3

2
Welulam,’ (hglulam i)
ngulami = 6

3
Welulam,’ (hglulam i)
I =
glulami 12

f

: m.g.k 04T
fngd = kmod.glulam ¥h.glulam, T €L-21710
1 ! "M.glulam  section 2.4
. fV.g.k
fV~g~d = kmod.glulam' = 2.24-MPa
TM.glulam

MRd.glulami = fm.g.di'ngulami

Applied moment

Mpq 4 = 91.196-KNm
Mpg ¢ = 205.98-KNm
Mg g = 367.778-kNm
Mpq 10 = 578.155-kNm

A2a:4



A2.2.5 Shear capacity

A beam should fulfill the following condition regarding shear:

Applied shear

First moment of inertia

Effective width

4 metre span

6 metre span

8 metre span

10 metre span

12 metre span

A2.2.6 Deflection

Quasi-permanent load combination has been used together with a limit of span length/400.

1

Wfin = Wfin.G * Wfin.Q
[ ]
Wiin.G = Winst G(! + Kdef)

[ |
Wiin.Q = Winst.Q(! + $2-kder)

Td<fV

eq. 6.13 in Section 6.1

1 1
S'.

T ngulami;'hglulami'z h

glulami

eq. 6.13a in section 6.1 in

SS-EN 1995-1-1:2008

S()'VEd.4
Ty =——"—"——=1833-MPa
d4 1 b
glulamo effo
Sl'VEd.é
Tqg=—"———=2115-MPa
d.6 1 b
glulam1 effl
Sz'VEd.S
Tyg:=—————=224MPa
d.8 1 b
glulam2 eff2
S3'VEd.10
Td10 = ; 3 = 2.175-MPa
glulam3 eff3
S4VEd.12
Td12 =T =1915MPa

I b
glulam 4 eff 4

Td < de

Td < de

Td < de

Td < de

Td < de

in section 2.2.3

A2a:5
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1')2 =03

Instant deflections for a simply
supported beam calculated as

4
(g+ q)5-1

384EI

4
(gﬂoor'l * Pglulam’ Aglulam0> S (lspan0>

= (1 +k
4 metre span Wfin4.G - ( def)
P 384-Eq g.mean’ Iglulamo
4
office’ 15" (lspan0> ( )
Wfin4.Q = (1 + by kger
384'E0.g.mean'lglulam0
WYfin4 = Wfind.G * Vfin4.Q
2.79 m
W. = Z./Y-mm W1inns: = — = mm
fin4 limit.4 400
1 A oo )
(gﬂoor' * Pglulam’ glulam1>'5'( span1>
6 metre span WEn6.G = s . .(1 + kdef)
0.g.mean’ ‘glulam,
4
office’ 15" (lspanJ ( )
Wfin.6.Q = (1 + by kger
384'EO.g.mean'Iglulam1
WYin.6 = Wfin.6.G ¥ Vfin.6.Q
8.468 om s
W. = 9. ‘mm Wi = — = .mm
fin.6 limit.6 400
1 A oo )
(gﬂoor' * Pglulam’ glulam2>'5'( span2>
= (1 +k
8 metre span Wfin.8.G - ( def)
P 384-Eq g.mean’ Iglulam2
4
office’ 15" (lspan2>
Wfin.8.Q = (1 + by kgef)

384-Eq g.mean’ Iglulam2
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10 metre span

12 metre span

Wfin.8 = Yfin.8.G T Vfin.8.Q

Whin.g = 17.037-mm

4
(gﬂoor'l + pglulam'Aglulam3> S (l span3>

Wfin.10.G = (1 + Kger)
384-Eq g.mean’ Iglulam3
4
office’ 15" (lspan3> ( )
Wfin.10.Q = (1 + by kger
384-Eq g.mean’ Iglulam3
Wfin.10 = Wfin.10.G T Vfin.10.Q
10m
Wfin.10 = 22.095-mm Wimit.10 = ——— = 25-mm
) ’ 400
1 A Lo )
(gﬂoor' * Pglulam A glulam 4)5'( span4>
Wfin.12.G = (1 + kgeg)
384-Eq g.mean’ Iglulam 4
4
office’ 15 (lspan 4> ( )
Wfin.12.Q = (1 + by kger
384-Eq g.mean’ Iglulam 4
Win.12 = Win.12.G T Vfin.12.Q
12m
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A2.2.7 Utilisation ratios

Utilisation ratios for all beams in the different spans are presented below, ratios for bending, shear

and deflections.

4 metre span
Moment utilisation Shear utilisation
. MEd 4 _Td4
UM.glulam.4 = = 0369 uy glylam 4 = : =0.818
Rd.glulam,, v.g.d
6 metre span
M T
Ed.6 d.6
"M.glulam.6 = o - 0.564  uy glylam.6 = - 0.944
Rd.glulam, v.g.d
8 metre span
—MEd'8 0.712 Tds8 1
UM.glulam.8 = - Uy glulam.8 = =
MRd.glulam2 fV.g.d
10 metre span
UM.glulam. 10 = 7 = 0.714 uy olylam.10 = - =097
Rd.glulam, v.g.d
12 metre span
"Meglulam.12°= = 0068 Uy gpylam 12 7= T = 0853
Rd.glulam v.g.d

A2a:8

Deflection utilisation

Wfin.4
udeﬂ 4 = =0.279
© Wimit.4
Wfin.6
Udefl.6 == = 0.565
T Wimit.6
Wfin.8
udeﬂ 8 = = 0.852
' Wlimit.8
Wfin.10
Ugefl10= ———— = 0.884
' Wiimit.10
Wfin.12
Ugefl12 = ——— = 0.88
' Wiimit.12



A2.3 LVL-beams
A2.3.1 Material data

Bending parallell to grain, LVL (Kerto-S) £ vk = 44MPa

Shear strength, LVL (Kerto-S)
Elastic modulus (capacity analysis)

Elastic modulus
(deformation calculations))

Partial factor

A2.3.2 Dimensions

Width of one veneer:

Height of the beam

Width of the beam

Area of the beam section

A2.3.3 Load effect

Assuming simply supported beams

lel.ak = 1'35'0'89(gﬂ00r'1 + plvl'Alvlk> + 150 ffice']

lel.bk = 1-35'(gﬂoor'1 + plvl'Alvlk> + 1.5 % 0.7qffice']

Q= maX(Q M, lel.bk>

fV.lVl.k = 4.1MPa

E( vl.mean = 13800MPa

IMIv1 = 1.2

Wyeneer -= 75mm

500
750
800 [mm
1000
1200

hyyp =

3Wyeneer

3Wyeneer

3

Wiyl = | 2 Wveneer

3Wyeneer

3Wyeneer

A =hy. 1 W
lVlk lVlk lVlk

eq. 6.10b in section 6.4 in
SS-EN1990

eq. 6.10a in section 6.4 in
SS-EN1990
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A2.3.3.1 Bending moment

For a simply supported beam

4 metre span

6 metre span

8 metre span

10 metre span

12 metre span

A2.3.3.2 Shear force

For a simply supported beam

4 metre span

6 metre span

8 metre span

10 metre span

12 metre span

Mgq ivi4 =

Mg vl =

MEgq 1v1.8 =

MEq v1.10 =

MEgq v1.12 =

VEdIvl4 =

VEdIvle =

VEdIvls =

VEd.Ivl.10 =

VEdIvl.12 =

A2a:10

2
Q vl (lspan0>
8

2
lel1 ' (lspanJ
8

= 91.424-kNm

=207.254-kNm

2
Q Ivl,’ (lspan2>
———— =369.004-kNm

2
Q1V13' (lspan3>
————— =580.015-kNm

2
lel4'(lspan4>
———— = 840.185-kNm

lelo' lspano
=91.424-kN

lell'lspan1
= 138.17-kN

lelz' lspan2
= 184.502-kN

Q1V13' lspan3
= 232.006-kN

QlVl4'lspan4
= 280.062-kN



A2.3.4 Bending capacity

Assuming medium term load and service class 2

Knod.1vi = 0-8

Strength modification factor

Deformation modification factor

Effect of member size

Section modulus

Second moment of inertia

Design value for bending
parallel to grain

Moment capacity

Moment capacity

Mpd.vi =

275

618.75

704

1.1 x 103

1.584 x 10°

Kgef 1y == 0.6

300mm

0.15
k = |mi ,1.2] if h < 300mm
h.lVlk h lVlk
lVlk

1 otherwise

2
wi.1 [ h
w 3 lVlk ( lvlk>
lVlk' 6
3
o lelk'(hlvlk>
lVlk = 12
. . . fn.Ivik
m.IvLd, = Kmod.IvI'Kn.Iv1, -
k K Y\MLvl

M = -W
Rd.lvlk m.lvl.dk lvlk

-kKN-m

Applied moment

Mg vl4 = 91.424-kNm
Mg jy16 = 207.254-KNm
MEq jy1.g = 369.004-KNm
MEg jv1.10 = 580.015-KNm

MEgvl.12 = 840.185-kNm
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A2.3.5 Shear Capacity

A beam should fulfill the following condition regarding shear:

eq. 6.13 in Section 6.1
) SV
Applied shear Td=
ppli Lbogr
First moment of inertia
1
Siu1 = Wyt -—hyy -—-h
lVlk lVlk 5 lVlk 4 lVlk
i fV.lVl.k
Design value for shear £, 1vl.d = Kmod vl —— = 2.733-MPa
resistance TM.Ivl
A begri= kerb"
Effective width ¢ “ eq. 6.13a in section 6.1 in
Koy v = 1.0 SS-EN 1995-1-1:2008

b = k. W
eff.lvlk cr lVlk

Slvlo'VEd.lvl.4
1.819-MPa

4 metre span TdIvl4 =
P iyl Peftiviy

Slvll'VEd.lvl.6

6 metre span 1.833-MPa

TAv6 ™= T
Ilvll'beff.lvll

Sivl, VEd.IvL8
8 metre span Tovlg = T =2295-MPa
vl Peffivi,

Sto1.°V
10 metre span . Ivl;" " Ed.IvL.10
TdlL10= = =2.309-MPa

Ilvl3'beff.lvl3

Sivi, VEd.IvL12
12 metre span Tdlvl12= —————— =2.322-MPa
vl Peffivl,
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A2.3.6 Deflection

Quasi-permanent load combination has been used with a deflection limit of span length/400.
. ]
Wfin = Wfin.G * Wfin.Q
]
Wiin.G = Winst G(! + Kdef)
]
Wiin.Q = Winst.Q(! + $2-kdef)
MI: 0.3
1 Lo\
(gﬂoor' + prl'AlVl())'s'( span())

384- EO.lvl.mean'IlVlo

4 metre span Wfin4.1v1.G = '(1 + kdef.lvl)

4
office 15" (lspan0>

384'E0.lv1.mean'llvlo

Wfin4.Iv1.Q = (1 + b2 kgefivi)

Wfin4.lvl = Win4.lv1.G * Wfin4.Iv1.Q

4m
Win 4 Iyl = 4.757-mm Wlimit Ivl.4 = 700 = 10-mm

4
(gﬂoor'l * PVl A1V11> 5 '(lspan1>

384- EO.lvl.mean'IlVl1

6 metre span

Wfin 6.v.G = (1 + Kgegvi)

4
office 1S (lspanJ

384']H:O.lvl.mean'llvll

Wfin.6.Iv1.Q = (1 + b2 kgefivi)

Wfin.6.lv1 = Wfin.6.Iv1.G * Wfin.6.Iv1.Q

Wfin 6.1yl = 7-206-mm Wlimit IvL.6 = 700 = 15-mm
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8 metre span

10 metre span

12 metre span

4
(gﬂoor'l * PVl A1V12> 5 (lspan2>

Win 8.IvL.G = (1 + Kgefivi)

384- EO.lvl.mean'IlVl2

4
office 15" (lspan2>

384']H:O.lvl.mean'llvlz

Wfin.8.Iv1.Q = (1 + b2 kgefivi)

Wiin.8.lvl = Wfin.8.lv1.G * Wfin.8.Iv1.Q

8m

Wiiini = —— = 20-mm
limit.lv1.8 400

4
(gﬂoor'l * PVl A1V13> 5 (lspan3>

Wfin.10.v.G = (1 + Kgegvi)

384- EO Jvl.mean’ IlVl3

4
office’ 15 (lspan3>

384- EO.lvl.mean'llvl3

Wfin.10.Iv1.Q = (1 + b2 kgefivi)

Wfin.10.lv1 = Wfin.10.Iv1.G * Wfin.10.lv1.Q

10-m
Wi 10.1v] = 23.69-mm Wlimit Iv1.10 = 00" = 25-mm

4
(gﬂoor'l + prl'AlVl4>'5 '(lspan 4>

Wfin.12.v.G = (1 + Kgegvi)

384- EO.lvl.mean' IlVl 4

4
office’ 15" (lspan 4>

384- EO.lvl.mean'llvl4

Wfin.12.Iv1.Q = (1 + b2 kgefivi)

Wiin.12.Iv1 ‘= Wfin.12.Iv1.G * Wfin.12.Iv1.Q

12:m
Win 12.1vl = 28.649-mm Wlimit Iv1.12 = 0" = 30-mm
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A2.3.7 Utilisation ratios

Utilisation ratios for all beams in the different spans are presented below, ratios for bending, shear

and deflections.
4 metre span

Moment utilisation

Mg 1v1.4

UMLIvL4 = =0.332

M
Rd.lvl,

6 metre span

MEq 1v1.6

uM'1V1_6 = = 0.335

MRd.lvll

8 metre span

Mg 1v1.8

uM'lvl.g = =0.524

M
Rd.lvl,

10 metre span

Mg 1v1.10

UM.IvL.10 = = 0.527

M
Rd.lvl,

12 metre span

Mg v1.12
-0

UMyl = o =033
MRd.ivi A

Shear utilisation

Td.lvl.4
U4 = = 0.666
v.Ivl.d
~ TdIvle
UVIVLG T = 0.671
v.Ivl.d
~ Tdvlg
UVIVLS T =0.84
v.Ivl.d
_ TdIvL10
WL T = 0.845
v.Ivl.d
_ TdavL12
W2 T = 0.85
v.Ivl.d
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Deflection utilisation

Wfin4.1vl
ulVl.4 =———=0476
Wlimit.Ivl.4
Wfin.6.1vl
u1V1.6 = — =048
Wlimit.Ivl.6
Wfin.8.1vl
U g = ————— = 0.94
Wlimit.Iv1.8
Wfin.10.1vl
ulVl.lO = —— =0.948
Wlimit.lv1.10
_ Wfin12.lvl
Uyl g = ————— = 0.955

Wlimit.1v1.12



kNm := kN-m

Algpendix A2b: Beams - fire load case

This Appendix is a shorter version of Appendix A2a, where the load case of fire is handled. The
obtained beam dimension are checked against the fire load case.

A2.1 Loads (the same as in the ULS load case)

_ kN s
Office load + partition walls and self- ~ 9office = 3 D) Efloor = = 2
weight + installations m m
Density for glul d LVL N N
ensity for glulam an Pglulam = 4300 —3 Py = 5100 —3
m m
Assumed tributary lenght L= 6m
A2.2 Glulam beams =04
A2.2.1 Material data (the same as in ULS load case)
Bending parallell to grain and shear strength fn. gk = 30.8MPa fv.g.k = 3.5MPa
Elastic modulus E( g05:= 10500MPa  Eq g mean = 13000MPa
Partial factor M.glulam = 123
A2.2.2 Dimensions
Height of one lamella: hjamel] = 45mm
Charing depth (Fire velocity in the wood depar.o = 0.65 E-%min = 58.5-mm
! min
Height and width
of beam
15-h -d 165mm — 2-d
lamell ~ “char.0 0616 char.0 0.048
17-hamell — dehar.0 0.707 190mm — 2-d;par o 0.073
hotylam = 19hamell = dehar.0 | = | 0.796 |m Wolulam = 215mm = 2-depar g | =1 0.098 |m
23-hiamell ~ dchar.0 0.976 2-115mm = 2-depar o 0.113
1.111 0.163
26-hja et — dehar0 2-140mm — 2-depyap

Area of beam section h

Aglulami = glulam, Wglulam,

A2.2.3 Load combinations and load effects in case of fire [24.127

Assuming simply supported beams to obtain worst case. 24.222 KN

leulami = floor'! pglulam'Aglulami + 0.5-Qpffice'! Qglulam = | 24336 "
24.474
24.779
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Span lengths 1

A2.2.3.1 Bending moment for a simply supported beam

2 2
Q glulamy (lspan0> Q glulam (lspanJ

MEgq.4 = 2 = 48.254-kNm MEq.6 = 2 = 108.998-kNm
2 2

Q glulam,’ (lspan2> Q glulamy’ (lspan3>

MEgqg = 2 = 194.685-kNm MEgd4.10:= 2 = 305.931-kNm
2
Q glulam,’ (lspan 4>

A2.2.3.2 Shear force for a simply suppoerted beam

Q glulam, lspano Q glulam lspan1
VEd4 = - - 48.254-kN VEd.6 = - - 72.665-kN

Q glulam,’ lspan2 Q glulamy’ lspan3
VEd8 = - - 97.343 kN VEd.10 = -, - 122.372-kN

Q glulam,’ lspan 4
VEd12=——>— = 148.674kN

2

A2.2.4 Moment capacity
Strength modification factor Knodfi= 1

ki olulam = 115
YMLf =
2
Welulam,’ (hglulam i)
Section modulus ngulami = :
3
Welulam,’ (hglulam i)
Second moment of inertia Iglulami = -

A2b:17



Design value for shear

Design value for bending
parallel to grain

Moment capacity

Moment capacity

£y, gk

fygfi= kmod.ﬁ'kﬁ.glulam'—ﬁ{M o 4.025-MPa fgd =g

fm.g.k

fmg.ﬁ = kmOd.ﬁ'kﬁ.glulam'm = 35.42-MPa

MRd.glulami = fm.g.ﬁ'ngulami

Applied moment

107.697 Mg 4 = 48.254-KNm
215.102 MEd.6 = 108.998-kNm
_ .024 _
MRd.glulam = | % kN'm Mpq g = 194.685-kKNm
636.092 Mg 10 = 305.931-kNm
3
118910 Mpq |5 = 446.023-KNm
A2.2.5 Shear capacity
, , , 1 1
First moment of inertia Nsﬂ = Wyl ami';hglulami'z 'hglulami
. . eq. 6.13ain section 6.1 in
Effect =
ective width ke = 0.67 SS-EN 19951-1:2008
beffi = kc1r""’glulami
S()'VEd.4
4 metre span Td4= T T T 3.651-MPa Ta<fd OK
glulamo effo
Sl'VEd.é
6 metre span Ty6= T =3.154-MPa T4<fuq OK
Iglulam1 'beff |
8 metre span Sz'VEd.S
T8 T = 2792 MPa Tg<fq  OK
glulam2 effz
10 metre span 83:VEd.10
Ta10i T = 2483 MPa Tg<fq  OK
glulam3 eff3
. S$4VEd12
metre span Ty =———— = 1.837-MPa T4<fuq OK

I b
glulam 4 eff 4

A2b:18



A.2.2.6 Utilisation ratios in load case fire

Moment utilisation Deflection utilisation
—MEd'4 0.448 : Td4 0.907
4 metre span YM.glulam.4 = =Y Uy glulam.4 -~ =Y
P & MRd.glulamO £ fV.g.d
i 0.507 S 0.784
6 metre span YM.glulam.6 = =Y Uy glulam.6 -~ =Y
P & MRd.glulam1 £ fV.g.d
M T
Ed.8 d.8
8 metre span UM glulam.§ = M— =0.53 Uy glulam.8 = ; = 0.694
Rd.glulam, v.g.d
M T
Ed.10 d.10
10 metre span UM.glulam.10 = Moo 0.481 U glulam.10 = ¢ = 0.617
Rd.glulam, v.g.d
M T
Ed.12 d.12
12 metre span UM glulam.12 = Moo 0.375 U glulam.12 = ¢ = 0.456
Rd.glulam v.g.d
A2.3 LVL-beams k= 0.
A2.3.1 Material data
Bending parallell to grain and shear strength flvlk = 44MPa f, vk == 4-1MPa
Elastic modulus Eg 1v1.05 = 11600MPa  E( |1 mean := 13800MPa
Partial factor IM.v1 = 12
A2.3.2 Dimensions
Width of one veneer: Wyeneer ©= /omm
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Height and width of the beam

500mm — dpyap ) 0.442 3Wyeneer ~ 2"dchar.0 0.108
750mm — dgpa 0.692 3Wyeneer ~ 2'char.0 0.108
by = | 800mm —dep. 0 | =10.742 |m wip= | 3Wyeneer ~ 2'Ychar.0 | =| 0.108 |m
1000mm — depay o ] 3Wyeneer ~ 2"9char.0 e
1.141 0.108
1200mm — dgpap 3Wyeneer ~ 2'char.0
Area of the beam section Alvlk = hlvlk'wlvlk
24.243
A2.3.3 Load effect 24381
kN
Qv = fioor ! + Prvi-Apvy 03 doffice’! Qpyp = | 24408 |-~ =
24.519
. 24.629
A2.3.3.1 Bending moment
2 2
lelo' (lspan0> lel1 ' (lspanJ
MEgyigi= =g = 48486 KNm My jyp ¢ i= ——— o = 109.714-kNm
2 2
lelz' (lspan2> Q1V13' (lspan3>
MEd.lVl.g = ——————— =195.267-kNm MEd.lVl.lO = f = 306.482-kNm
2
QlVl4'(lspan4>
MEg vl 12 = ————— = 443317-kNm
A2.3.3.2 Shear force
lelo'lspan lell'lspan1
VEd.lV1.4 = = 48.486-kN VEd.lV1.6 = ) = 73.143-kN
lelz' lspan2 Q1V13' lspan3
VEd.lVl.S = = 97.634-kN VEd.lVl.lO = = 122.593-kN
QlVl4'lspan4
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A2.3.4 Bending capacity
Strength modification factor for LVL

Section modulus

Second moment of inertia
Design value for bending
parallel to grain

Moment capacity

Moment capacity

169.816
416.584
479.005
772.251

Mpd.vi =

1.135% 10°

A2.3.5 Shear Capacity

First moment of inertia
Design value for shear
resistance

Effective width

Design value for shear

4 metre span

6 metre span

kﬁlVl = 1.1

W =
lVlk

I =
lVlk

2
w1 o hy
lVlk ( lvlk>

6

3
wi.1 o hy
lVlk ( lvlk>

12

fnvik

fm.lvl.ﬁk = Kpod kv ——

M. fi

M = -W
Rd.lvlk m.lvl.ﬁk lvlk

-kKN-m

S =
lVlk

£y vLfi = Kmod fikfivy ——— = 4.51-MPa
TM.fi

kcr.lv

b = k. W
eff.lvlk cr lvlk

Tdlvl4 =

Tdivl.6 =

12= 1.0

Applied moment

Mpq yi4 = 48.486-KNm
Mpq vl = 109.714-KNm
MEq 1.8 = 195.267-KNm
Mg vi.10 = 306.482-KNm

MEq Jv1.12 = 443.317-KNm

by

1 b 1
W
vl Ivl "

k.E. k.z.

fV.lVl.k

fivid = fvf

eq. 6.13a in section 6.1 in

SS-EN 1995-1-1:2008

Slvlo'VEd.lvl.4
Ilvlo'beff.lvlo
Slvl1 “VEd.IvL.6

Ilvll'beff.lvll
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Slvlz'VEd.lvl.S

8 metre span TdIvls = = 2.729-MPa
vl Peffivl,
Siu1.-V
10 metre span . vl;" " Ed.Iv1.10
TdIVL10 = T = 2.699-MPa
lVl3 eff.lvl3
Sivi, VEd.IvL12
12 metre span TolvL12 = _ 2 684-MPa

Ilvl4'beff.lvl4

A2.3.6 Utilisation ratios for fire load case

Moment utilisation

Deflection utilisation

4 met _ Mgd.vi4 _ Tdvl4
metre span UM Ivl4 = M— = 0.286 uy [yl4 = f— = 0.505
Rd.lvl, v.ivld
M T
Ed.IvL.6 d.IvL6
6 metre span  uyppyie= o = 0263 UVvLe = T = 0486
Rd.Ivl; v.ivld
8 met _ MEgdvig _ TdvLs
metre span UMLIVLE = M— = 0.408 Uy 1y].8 = ; = 0.605
Rd.lvl, v.ivld
10 met _ MEdvL10 _ TdvL10
metre span — uywii0= = 0397 UL = = 0598
Rd.lvl, v.ivld
12 met _ MEdvL12 _ TdvL12
metre span — uywiiz = - 0391 ULz = T = 0999
Rd.lvl, v.ivld
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Appendix A3: Composite floor structure
with timber and concrete kN = kNon

This Appendix shows the calculations performed for the com posite floor, results are presented in
Section 5.4. Load combinations have been performed in accordance with EN 1995-1-1. All
references made reffers to this Eurocode. Equations in Linden (1999) have been us for the
calculations

A3.1 Material and geometric data

The floor structure consists of a web in timber and a flange in concrete. Reinforcement is neglected
since the concrete is compressed and thereby uncracked. A centrum distance of 600 mm is
assumed for the webs.

Floor span = 12m

Ifoor

Width of the floor bfoor = Hfloor

Spacing between webs Sweb = 0.5m
Height of the web hyep = 655mm
Width of the web Wweb = 220mm
Height of the flange hﬂange = 70mm
S W,
Distance between the webs b= web - _web =0.14m
2 2

Effecftive width of the flange  begr 1,:= [(0.2:b + 0.11go0,) if 0.2+ 0.1-1ggr < 02100,

(0.2 . lﬂoor) otherwise

(beff.la) if befr1a=b

(b) otherwise

befr1 =

beffIZ 2'beﬂ‘.1 + WWCb =0.5m

Wflange = beff: 0.5m
Area of the web and the flange Ayeb = Myweb Wweb Aﬂange = hﬂange'Wﬂange
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A3.1.1 Concrete C30/35

Characteristic compression f.x == 30MPa
strength

fum = 38MPa

Characteristic tension strength fo = 2.0MPa

Partial factor M =13
, fc fctk
Design strengths f.q=— =20-MPa foqg = — = 1.333-MPa
' M ™M
s kN
Self-weight Pconcrete = 25 3
m
A3.1.1.1 Value for creep coefficient
Creep coefficient = “PRH'B(fcm)'B(toﬂ
Indoor environment, assumed RH := 50%
2-A
Notional size hy = flange = 0.061m

2 (hﬂange + Wﬂange)

0.7 0.2
Factor to allow for the effect of ppyy:=|1+ L - RH '[35MPaj '[35MPaj =2.161

relative humidity f, > 35MPa 1000 \ * K
m

cm cm
Factor to allow for the effect of Bem = 2.73
concrete strength

eq. B3b in Appendix B

1

Factor to allow for the effect of Bio = 0. = 0488 €q. B.5 in Appendix B
concrete age at loading 0.1 +28

(Assuming loading after 28

days)

Creep coefficient ¢ = PR Bem: Bro = 2-881
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A3.1.1.2 Effective elastic modulus

Mean value of the elastic E. = 33GPa
modulus
E m
Effective elastic modulus E = —— = 8.503-GPa
c.ef e+ 1

A3.1.2 Solid wood C27

Characteristic tension strength fy .= 16MPa
(parallel to grain)

Characteristic bending fink = 27MPa
strength

Characteristic shear strength vk = 4MPa

Strength modification factor Kpod = 0.8
(solid, service class 1, medium
term action)

0.2
Factor regarding size effects kj := [ mi [ISOmm s 1.3 if wyep < 150mm
Wweb

1 otherwise

Partial factor YM.solid = 13
fid = kmod'k _ 9.846-MP
Design strength td = Xmod *h = 7.0a6-MlPa
esign strengins TM.solid
‘ fimk
ftmd = kmod— = 16.615~MPa
TM.solid
) ka
fuq= Ko = = 2.462-MPa
TM.solid
, kN
Self-Welght pSOlld =42 _3
m
Elastic modulus E( o5:= 7700MPa (Capacity analysis)
E() mean = 11500MPa (Deformation calculations)
kdef = 06
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EO.mean
= 7.188-GPa

1+ kdef

Enean.fin =

The final modulus of elasticity is the same for both ultimate limit state and serviceability state since
the permanent load is the leading action according to EN1995-1-1 section 2.3.2.2 (2).

A3.2 Transformed cross-section

The concrete part is transformed to timber by the factor a.ef.

Effective area

Centre of ravity

Second moment of inertia

Equivalent stiffness
for the section

Assuming spacing of 250 mm

Slip modulus
(assumed after studying (van
der Linden 1999))

Smeared slip modulus

Combination factor that
denotes the effectiveness of
the total connection

The combination factor is
assumed to be

c.ef
=1.183

mean.fin

oLp =
ef E

2
Aef = AWCb + OLef'Aﬂange =0.186m

hyeb hﬂange
Aweb'(hﬂange + T + Qef 'Aﬂange'—
Xof = =0.317m
Acf
h 3 h 3
Wweb web Wflange flange -3 4
Lot = —12 + aef~—12 =5169%x 10 "m

2 2
Elef = Emean.fin| ltot ﬁf(o‘ef “Aflange ®flange  + Aweb Cweb )ﬂ

Sconnector = 0-20m
- 9Ok_N
K mm
K;
k = ———— = 0.45.GPa
Sconnector

) T 2 1 AWeb'Aﬂange
s T iy
floor ) Ki Aweb ef “flange

= 0.035

1
— =0.966
1+p

Vtest =

~ = 0.93
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hyeb

e —— — Xor=0.081m

web = Dflange +

hﬂange

eﬂange = Xef - =0.282m

Effective stiffnes

2 2 7 2
Elep = Emean.ﬁn'[ltot + 7'(aef'Aﬂange'eﬂange + Ayeb Cweb )} =6.54> 10 -N-m

A3.3 Load combination

N
Imposed load, office building ~ doffice = (2:5 + 03)—

including partition walls m
] kN
Qoffice = doffice Sweb = 1'5';

, kN kN
Self-weight floor structure, Qfloor = Aweb Psolid * Aﬂange'pconcrete + Syeh 05— = 1.73-—
including installations m> m

) kN €q. 6.10a in section
Qa = 1.35(Qpig0r) + 1:5:0.7Qffice = 3911~ 6.4 in SS-EN1990
k €q. 6.10b in section
Qp = 135:0.89Qpio0r) + 1-5Q0ffice = 4320 6.4 in SS-EN1990
Q= max(Q Q ) =4 329~k—N
. a'<b . o
A3.3.1 Load effects
2
] Qlfo0r
Applied moment Mgq = T = 77.919-kNm
M h
Ed flange
Concrete stress at top Occ = _Ec.ef'?f'(“f'eﬂange + —j = -3.007-MPa
S
C te st . fi ) MEgq hﬂange
oncrete stress in connection o := _Ec.ef.?ef- Yeflange = 5 | = ~2-298:MPa
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. . . MEq hyeb
Timber stress in connection o, .:= E . an.fin g Veweb ~ > )= —2.16-MPa
ef

Timber stress | ’ ‘ MEgq
imber stress in gravity o= Emean.ﬁn'?'“f'eweb — 0.644-MPa
centre of the web ef
M h,
) . Ed web
Timber stress in the bottom Ot m = Emean. ﬁn'?f(ﬁf'eweb + Tj = 3.449.MPa
S
hyeb Tt.m
7y = ————— = 0.403m
O%mt |Ut.c|
QIfio0r Emean. fin 2
O = —.z," = 0.463-MPa
Shear stress tvd 2-El 0

A3.4 Check of performance in SLS
A3.4.1Final deflection

4
Deflection from permanent (Qﬂoor)'s'lﬂoor -3
Wﬁ GI: =7.143 x 10 m
load n. 384-EI
ef
Q .5.1 4
Deflection from imposed loads Wiin.Q = _office’™ floor =6.193x 10 3m
: 384-El ¢
Total deflection Wfin = Wfin.G T Wfin.Q
c ina to the limit ) lﬂoor
omparing to the limi Wi, = 13.335-mm Wiimit = o0 - 24-mm

A3.4.2 Fundamental frequency

Volume of the concrete part A% = 0.42-m3

¢ = Mlange Wlange floor

Volume of the timber part V= Wweb floor = 1.729~m3

web’

Area of one floor element Afoor = HloorSweb = 6 m2
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Peoncrete Ve t Psolid Vt 1 kg kg
mg o = — =2 = 296.044 =
Mass of the floor structure floor - Afoor 10 N ' 2
m

fm — = 7251-H

Fundamental frequency 1= 2' m - e

2.1 floor
floor

A3.4.3 Instantaneous deflection

The instantaneous deflection should satisfy the following equation:

eq. 7.3 in section 7.3

|
IA
o

Where w is the maximum instantaneous vertical deflection caused by an applied load of 1 kN at the
point of the floor which gives the maximum response and a is a static criterion which is less than
1.5 when deflection under 1kN point load.

Static criterion a=15——
(assuming average kN
rformance of the floor
perio ) P:= 1kN
3
P-1
. fl
Deflection: W= o 0.55-mm
48-El ¢
Check of cdeflection criterion - <a=1 1=0K
P
A3.4.4 Velocity response
lo hg 3
Second moment of inertia Iplate = O‘ef'M =4.058x% 10 4m4
12
Stiffness of the floor 6 5
about axis parallell to the El, = %f’Emean.ﬁn'Iplate =345x 10 -N-m

beams

Number of eigenmodes with eigenfrequencies lower than 40 Hz

0.25

4
40Hz 2 bﬂoor Elef
ngq = -1 — =4.86
fl EIb

lﬂoor
eq. 7.7 in Section 7.3
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Peak velocity due to impulse for a rectangular floor system sim ply supported on all four sides

4-(0.4 + 0.6-n4) 4 m
V= =3.097x10 -——

Mfoor Ploor Hfloor + 200°kg N

eq. 7.6 in Section 7.3

The velocity respons should fulfill:

f,-¢-1
v < b( ! ) eq. 7.4 in Section 7.3

Figure 7.2 in Eurocode 5 gives the relation between a (from the calculation of the instantaneous
deflection) and b

b:= 120
MA
Modal dam ping ratio: ¢:=0.01 7.3.1 (3) in Section 7.3
f1~Q |
Criterion v=3097x10 *- < M2 T g0 0K
N~s2 N-s N-s
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A3.5 Check of the capacity

(o}
Concrete stress at top U = | C'C| =0.15
. fc.d
(o}
Concrete stress in connection Uy = | C'C| if 0, <0 u, = 0.15
fc.d
(o)
<< otherwise
fctd
|°'t.c|
Timber stress in connection ~ ‘t.c™™ o if oy <0 U= 0.13
.
t.
< otherwise
fid
. ) ) Ott
Timber stress in gravity u = | | if op¢<0 u ¢ = 0.065
centre of the web ftmd
Ott
—— otherwise
ftq
- [m = 0208
Timber stress in the bottom Ytm -~ ftmd -
(op
t
Shear stress Uiyd = | Vd| 0.188
de
Wfin
Deflection Udefl = Wit = 0.556
Fundamental frequency f; 2 7Hz =1 f; = 7.251-Hz limitis 7Hz
w
Instantaneous deflection P
— =0.367
a
M — 0.026
Velocity response £ o
—_— _1
b[HZ ‘ L
kg



Appendix A4: Wall calculations =N

Results from this Appendix are shown in Section 5.6. This Appendix shows the calculations
performed when designing the walls.

4.1 General geometric data

Length of wall L= [Oig] m
Height of wall Py :=3.6 m
Influencing length for imposed liy=6 m
loads
Height of windows Rindow:=1.7 m
Width of windows Wopindow := 1.6 m
. hwall - hwindow
Height of beam Rpoam = S 0.95 m

A4.2 General loads
A4.2.1 Imposed loads

Loads acting on the floors which is supported by the walls and wind loads acting on the walls,
creating a bending moment in the walls.

, kN
Office load Goice™=2.5 —
o "
Partition walls Qroants i=0.5 g
m
. kN
Total Imposed load qimp = inf* <qoﬂ‘ice + qwalls) =18 —
A4.2.2 Permanent loads v
Self weight from floors floor =2 —-
m
Installation load Ginstatiations = 0-5 g
m
kN
Total permanent load gp = linf' <gﬂoor+ginstallationx> =15—
7 \S m
Reduction factor, for the a,; = 2+(14-2)-07 =0.743
number of storeys 14
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24(9-2)-07

e =0.767

A4.3 Concrete walls i=0..1

The walls are subjected to both vertical load and horizontal load from the wind. Hence the capacity
needs to be checked with regard to combined compression and bending. A wall can be seen as a
column between the windows and a beam above the windows.

A4.3.1 Geometric data

Thickness of load bearing t,:=240 mm
concrete part

Thickness of insulation L =200 mm

Thickness of concrete part t.,=50 mm

Area of load bearing A, =t L _[o.102] m’
¢ c walll. |_024 J

concrete part

A4.3.2 Self weight of concrete walls

. kN
Density of concrete pei=25 —
m
. . , kN
Density of insulation Pinsi=1.5 —
according to www.rockwool.se m

A4.3.2.1 Beam parts of the wall
The weight from both the beam above the window and the one below

kN
8ec.beam *=Pc" <hwall - hw[ndow) * <tc + t62> +pins * <hwall - hw[ndow) * tins =14.345 7

A4.3.2.2 Column parts of the wall
Self weight of "columns" part of the wall

21.744
8c.col’™=Pc* Lwall * hwall * <tc + th) +pins * Lwall * hwall * tins = [27 18 } kN

Self weight of "beam" part of the wall

Wyindow

=22.952 kN

8e.beam2*= 2 8c.beam *
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A4.3.3 Load combinations

Load combinations has been performed in accordance to Eurocode 0.

A4.3.3.1 For beam parts
6.10a

6.10b

A4.3.3.2 Wind loads

Wind pressures (From xx)

At first floor

At sixth floor

At elenvth floor

A4.3.3.3 For column parts
6.10a

Permanent loads

Imposed loads

Wind loads on different floors

6.10b

Permanent loads

Gcol,h :=1.35-0.89 <gp * <Wwindow +Lwall> +gcc01 + 2 gcbeamZ)

Qbeama =135 <gcAbeam +gp> +1.5:0.7- qimp

Qbeamb:: 1.35-0.89- <gcAbeam +gp> +1.5. qimp

kN
Qbeam ‘=max <Qbeama ’ Qbeamb) =62.258 —

m
w;:=1520 Pa
w,:=1355 Pa
[3.252] kN
H] =W,y <Ww[ndow +Lwall> = |_ 3.523 J 7
g _[3252] kN
He=H1= 13 53| "
3.648] kN
HI] =Wpe <Ww[ndow+Lwall> = [ 3952} 7

Gcol,a :=1.35 <gp * <Ww[ndow +Lwall> +gccol + 2 gcbeamZ)

[45.36]

Oeota=1.5+0.7 Wyindow+ Lyvart) * Gimp= 149.14 ] kN
Hopp110:=1.5+0.6 Hy, :Biii} %
Hogui=1.5-06 Hy=| 2727 | N
He14=15:0.6 H;= [??3” %

Imposed load as leading variable load

Imposed loads

Wind loads the same as in 6.10a

[64.8]

[70.2] kN

Qcol,b =15 <Wwindow +Lwall> * qimp =

A4:3

_[139.925]
“1151.313]

[124.533]
[ 134.669 |

kN

kN



Wind load as leading variable load

Imposed load the same as in 6.10a

Wind loads on different floors H,, . ,=15H, :[5'472] N
5928 m
4878 | kN
HC()].@}) =15 H6:[5285} m
[4.878] kN
HC()].IA}) = 15 HI = |- 5285J m

A4.3.4 Acting loads

Here, the choice of load combination is done by giving, G, Q and H values from above. And then the
calculations are done. These loads should in other words be changed so every load combination is
checked. They should also be multiplied with 14, 9 or 4 if the column on floor level 1, 6 or 11 is to be
checked respectively.

3
Design value for permanent G:=14:G,,= !- 1743 103 ]I kN
Joad | 1.885-10" |
Design value for imposed load 0:=14:0p= [ gg;é] kN
Design value for wind load H:=H1,= [g?%] Ll
. m

[2.651-10° ]

Applied axial load Negyi=G+ Q=1 , | kN
[2.868-10" |
A4.3.5 Material data
Partial factors, concerete and y.:=1.5 yoi=1.15
reinforcing steel
VeE= 1.2
A4.3.5.1 Concrete N 35/45
Concrete strength foxi=35 MPa foai= & =23.333 MPa
Ve
fomi=43 MPa
. Ecm
Elastic modulus E,,:=34 GPa E ;= =28.333 GPa
VeE
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A4.3.5.2 Reinforcement B500B

Reinforcement strength
Elastic modulus

Strain limit for reinforcement
Assume 12 mm bars

Area of one bar

A4.3.5.3 Creep coefficient

Final creep coefficient

Indoor environment, assumed

Notional size

Factor to allow fo the effect of
relative humidity

fon>35 MPa=1

Factor to allow fo the effect of
concrete strength

Factor to allow fo the effect of
concrete age at loading

Creep coefficient

Ji=500 MPa fyd::&:434.783 MPa
Vs
E =200 GPa
Jra
&,4:="—=0.002
" E,
¢:=12 mm

2
Aj=7e (@ =113.097 mm’

2)

eg. B.1in Appendix B

Pef = PRE Plfom )| i'l_tl}ﬂ

RH:=50%

2 tC.L\Va .
~ " T0.185]

hy=— M = m
()i 2 (tc + Lwall.) |‘ 0.194 J

0.7
1—RH (35 MPa) ) (35 MPa)
M| |

(
::| 14 o
PR, | s[ 1000 \ fon )| '\ Sem )'
1 01 . h() . 1
\ om )

Q= (/7RH'ﬁfcm Po= [;(l);é}

A4.3.6 Column part of wall

A4.3.6.1 First order moment, with regard to unintended imperfections

Unintended inclinations

Height of the wall is the sam as for columns, only one wall is considered, therefore the same

inclination as for columns.

A4:5
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Additional first order h
eccentricity due to unintended e. =" —0.009 m
inclination 400

Intended eccentricity

2
_ H- hwall _ [4741 ]

Intended first order moment M,: s~ 15.137] kN +m
due to all intended actions 8 )
(wind)
M
Intended initial eccentricity ep= 0 _[0.002]

—= m
Ny, L0.002]

[28.597]

KN
[30.95 | "™

First order moment Mgy =Ng, * (e0_+el-) =

A4.3.6.2 Second order moment

If the column is regarded as slender the second order moment should be considered.

Slenderness

Lwalll_ * tc3 |- 4 -|
Second moment of inertia Ji=——_ _19216-10 | 4

i 12 [0.001 |

IC.
" _lo.060]
4 10.069]

hwall _ I- 51.962 ]

Slenderness Aei= i, L51.962]

Nega 10.592]

Relative normal force ngi=———=
fged, 10.512]

10.8  [14.041]

Slenderness limit e lim ::T_ 115.001 |
n, '
Column regarded as slender: Ae>A jim = [ H 1 =yes
0=no

Second order effect

i ::5 H'l
Design moment, including second Mpgq =1+ —m My g eq. 8.28 in section 5.8
order effects Np 1

. MNga )
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Approximate value of nominal
stiffness

Critical load

Applied load

Factor denpending on 1st and
2nd order distribution

Deisgn moment, first and
second order moment

A4.3.6.3 Sectional analysis in ULS

Maximum concrete strain
Maximum steel strain
Spacing between bars

Number of bars in each layer

Assumed that all reinforcement is yielding and using 2n bars in total.

|f1'f|:d-b-}:= "}‘-Ed1

Ngq
o T0175]

Xi=— =
! a 'fcd * Lwalll_ |‘ 0.152 J

di=t,—0.05 m=0.19 m

x—d'
1
gl = g
‘ x

i

[2.5027

-3
= 1
] 2.347] 0

3
0 Cd.lc.:[3.81.10 3.!kN.m2
¢ 14059 i 14.779.10° |
2
n <Kl
| .10° 1
N, = _l2901 103 L v
" hyy  13.639:107
[ .10° 1
NEd:|2.651 103 .
[2.868-10" |
L:=1.03
( /. [340.048]
MEd,-"i” N, |‘M”Ed,-‘L149.519JkN"”
! NEd__I!
\ i)
a:=0.81
B:=0.416
€, =3.5-10"
£,4=2.174 107
s:=0.2 m
Lwall.
n:= l_|-4
i s [5]
[1]
x<t.= 1=0K
<711
d':=0.05 m
> &4 OKI!
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! 9 -3
= . = ’ < '
2 & 10.882 | 10 €y NOT OK

i

Assumed that As' is yielding and As is not, 2n bars in total.
X; ::x0:0.175 m
d—x

X7

1
Xp= root I\(l 'fcd'LwallO * Xy _Es * €t nO 'Asi +fyd' nO 'Asi_NEdo s X711

x;=0.165 m

xz::x1:0.152 m

( d—x,
xZ::rOOtla'fcd'Lwalll'x2_Es' 'gcu'nl'Asi+fyd'n1'As[_NEdlaxﬂ
X
x2:0145 m
New x:
-3
e =2.174 10
x._[Xz]_[o.ms] . ¥d
x| T L0.145]
x=d [2.442]
= %= | 5905 | 107 >, OK! yielding
=, [0.52]
b= = gg] 10 <g, OK! notyielding
i X .

Moment capacity

( Lwall \
i 890.669
MRdl. =a 'fcd'Lwalll. .xi * <d_ﬁ .xi> +Ev * gtvl. * ni 'As[ * (d_ d') _NEdl. * |\d_— | = !- ]

! kKN +m
2 )| 1281-10° ]

The first capacity value is for a wall with 0.8 metre column with a thickness off 240 mm and influence
length of 6 metre. The other value is for a column of 1 metre, thickness 240 mm. The capacity of the
second wall-column is very large compared to the applied moment, this is because the thickness
should be 225 mm. If the thickness is changed the utilisation ratio would have a better value. This is
valid for the calculation of the wall on the first floor.

A4:8



A4.3.7 Beam part of wall
Assuming simply supported to obtain worst case

2

W, .
Mbeam — Qbeam 8wmdow =19.923 kN -m

A4.3.7.1 Due to deep beam --> strut and tie model

Total height of the beam Npoqm=0.95 m
Wyindow .
Check of geometry z:= 4d -tan (60 deg) =0.693 m less than total height, ok!

(assuming 60 degree
inclination of the strut)

Concrete cover a,:=50 mm
. Wisindow
Support reactions R:=0p.um* =49.806 kN
R R

Forces acting in the first node =28.756 kN  C;: =57.511 kN

(one strut and one tie) ~ tan (60 deg) ~ sin (60 deg)
Forces acting in the second C,:=R=49.806 kN  C; = R _28756kv =T OK!
node (three struts, one the tan (60 deg)
same as the first node)
Design of tensile reinforcement .
Needed amount of reinforcement A i=—=06.138 mm’
area o
2
Assuming bars with a diameter of 8 Plong:=8 mm Agi=me I/M\I =50.265 mm’
mm, and their cross-sectional area 2 )
Amount of needed bars *=1316 Miong =2

Si

This amount of reinforcement bars is possible to be covered by the concrete, OK!

Check nodes
Height of tensile zone u:=2a,=0.1m

Assumed support length and a;==150 mm  a,:=a;-sin (60 deg) +u-cos (60 deg) =0.18 m
width of compression zone

([, _35)

Maximum stress Ordmac =085 111—

\\" 250

)

d}' =17.057 MPa

“Je
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R

Stress in the support 0= =1.384 MPa
tC n << ORd.max OK!
. . ¢
Stress in the compressive strut  o,_,:= =1.332 MPa
tc *a;
. . ]
Utilisation U, = =0.081
ORd.max
0c2
U= =0.078
ORd.max

Thickness of the beam is sufficient, and the compression is small compared to the capacity.

Shear capacity 6.2.2 in EN 1992-1-1

( B \
) ) |~ .3 |
Shear resistance VRd, without Viae=\Crad-k+ (100 p=fo) +ki+0p) byed
shear reinforcement
Constants for the shear capacity calculation .
3 2
Copoi=218 —0.12 v, =0.035-0.15" 9N Mpa=0.012 MPa
Ve \MPa)
24, _
ki1 4| 220 471 g 4654107
hbeam —dac tc * <hbeam - ac)
0.:=0 MPa k;:==0.15 mm
1
( \
Shear capacity Vide:=Crac+k+1100+p; e Jok Iotes (hpoam—ac) » 1| MPa=44.875 kN
\ MPa)
Minimum shear capacity Viedemin®= Vmin) * te* (Mpeam — ac) =2.598 kN

Shear capacity with shear reinforcement according to EN1992-1-1 section 6.2.3

Assumed spacing between Syer =400 mm
shear reinforcement
Minimum shear reinforcement Agymin=0.002 ¢ (hyg,,, + t.) =456 mm ?
2
Assumed diameter of the bars by =8 mm A= MW\l -7 =50.265 mm’
and their area \2)
. A v min
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sw.min

Number of bars =9.072
Choosen inclination of cracks 0:=40 deg cot (0) =1.192 OK!
i H 4 Avi ver
Shear capacity with Viasi=———20.9« (hyou—a.) *f;4+ cot (0) =421.933 kN
reinforcement
. Jea 3
Maximum value of shear Vidmari=te+ 0.9« (hypum—a.) 0.6 —— = (1.34.10") kN
capacity that can be acounted cot (0) + tan (6)
for

The shear capacity is the smallest of the two above values, but both is greater than the applied
shear force. It is also concluded that the thickness of the concrete beam is enough to cover both the
shear reinforcement and the bendeing reinforcement with a sufficient concrete cover.
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A4.4 CLT-walls

Column subjected to combined compression and bending

Oc0.d + O-m.yd <

kcAy 'ch 0.d ﬁn.yd B

A4.4.1 Geometrical data for CLT

The values calculated by hand for different wall sections.

Lyan1:=221 mm
byair 2=259 mm
byai 37=208 mm
byan4*= 183 mm
tyan s+ =120 mm
tyai.s*=310 mm
tyar.7:= 158 mm
Speam.1°=0.014 m’
Sheam.2:=0.014 m’
Speam.3:=0.015 m
Sheam.4+=0.01 m’
Spean.5°=0.007 m’

Sbeamﬁ :=0.018 m3

Speam.7:=0.007 m’

vbeam.1*

beam.5*

beam.6*

L,,,=3895-10"" m’
I,,,=8286-10"" m"
I,,5=3.035-10"" m’
L,,,=3274-10" m"

-5 4
L,,5:=7.89+10 " m

4
1,,4=0.001323 m

—4 4
L,,,:=2267-10 "'m

=0.009 m"

4
vbeam.2 *= 0.009 m

4
beam.3 *= 0.009 m

4
beam.4 ‘= 0.007 m

=0.005 m"

=0.011 m"

,:=0.005 m"

A4:12

1,,:=4.868-10 " m"

V.
4
IyAZAZ :=0.001 m
—4 4
Iy]j :=3.793.10 m
—4 4
I,,,=4092-10 m
-5 4
I,,5:=9.862:10" m

4
IyJﬁ :=0.002 m

—4 4
I,,,=2833-10"m

Foér Lwall = 1m
Ltire:=200.5 mm

—4 4
I =4.028-10"" m



Height of wall

Width of column

These values are changed
depending on which wall that
was to be checked, values from
above were used.

Cross-section area of column
Thickness of insulation

Thickness of non load bearing
CLT part

A4.4.2 Material data
Compression parallel to grain
Bending parallel to grainl
Shear strength

Elastic modulus

Capacity analysis

Deformation analysis

Partial factor

Strength modification factor
Deformation modification factor

Effect of member size
y-dir

hwall =3.6 m
L,.;==08 m (Distance between windows)
Lerri=byals

1if 0.8 and 2 if 1

Lcir=1,16
Sbeam 8BS Sbeamﬁ
beeam 8BS y.beam.6

X _ 2
Acrri=terrs Lyan=0.248 m

tins =200 mm

tCLTZ =50 mm

http://www.martinsons.se/kl-tra-projektera/konstruktionsfakta

Jeorcrri=21 MPa

Jmkcrri=24 MPa

Sokcrri=4 MPa

E()A()JCLT:: 7400 MPa

Epmoan = 11000 MPa

Ymcrri=1.3

kyoa crr=0.7 Assuming long term load and
sevice class 2

kdt?f:CLT:: 08

kh.CLT:: ” if tCLTS 150 mm

. ((150 mm\o'2

I | | »L3
i\ o)

|
)
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kN

Density of CLT por=4 —
m

Density of insulation Pins=1.5 g
m

A4.4.2.1 Design strength values

Compression parallel to grain fooacrri=kmoa crr* kncrre Jeokcur =11.308 MPa
YmcLr
. . fm.kACLT _
Bending parallel to grain Jmyda.cori=kKmod.cLr* kn.cr* =12.923 MPa
Ym.cLr
_ Jukerr _
Shear strenght foacrri=kmoacrre———=2.154 MPa
Ym.cLr
A4.4.2.2 Design strength values for fire
k=125
kmod.fi =1
T gii=1
Compression parallel to grain Jeo.d.fire =Kmod.fi* ki M: 26.25 MPa
Y fi
Bending parallel to grain Jmy.d.fire = Kmod.fi* ki M: 16.154 MPa
Yhafi
A4.4.2.3 Reduction factor for the strength
I,
yer=\[ ;‘C” =0.073 m
CLT
hwall
Slenderness AncLri==
L.cLr
. /ly.CLT Jeorcrr
Relative slenderness Ay rel CLT= . =0.836
n Eyos.crr
Becir=02
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k}nCLT:: 0.5- <1 +ﬁc.CLT' </1yArelACLT_ 03) + <’1}arelACLT> 2>

kyAaCLT:: ” if /lyArel.CLTSO’3
|

|| else

Il 1

I 2
” 'i kycor+ k}CLT —Ayrel.CLT

A4.4.3 Load combinations
A4.4.3.1 Self-weight of Beam part of the wall

The weight from both the beam above the window and the one below

Gvean.cLr=Perr* wanr = Mindow) * (vt +terra) + Pins * Pyvar= Myindon) * tins = 3-306 %
A4.4.3.2 Self-weight of Column part of the wall

oLt =Perr* Luan* Pwan* tcrr+tcrr) + Pins * Luvair* Prvair* ting = 5011 kN

Self weight from "beam" part of the wall

Gheam 112=2* Gheam ™ =529 kN

A4.4.3.3 Load combination for beam parts

6.10a Obeam.crra= 135 (Cpeamcrr+&p) +1.50.7+ i
6.10b Opeam.crry=1.350.89 (Spoum crr+ &) + 1.5 iy
Obeam.cLr=max <QbeamACLTAa ) QbeamCLTb) 48.995 %

A4.4.3.4 Load combination for beam parts for fire load

6.11 Oncam = heam cur+ 8+ 051y =21.306 <%
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A4.4.3.5 Load combination for column parts

Wind loads
Wind pressures (From w;:=1520 Pa
Appendix C1)
w,:=1355 Pa
, kN
At fII'St f/OOr HI = WZ . <Ww[ndow +Lwall> = 3.252 _—
m
At sixth floor Hy:=H,;=3.252 kN
m
kN
At eleventh floor Hyp=w; s Wyindow+ Lyvaiy) =3.648 —
m
Load combination
6.10a - Permanent load as main load
Permanent Ioad Gcol,CLIa :=1.35 <gp * <Ww[ndow+Lwall> +gAcol,CLT+2 gbeamCLTZ) =69.647 kN
Variable load (imposed) Qeota=1.50.7 Wyingow+ Lyvatr) * Qimp=45.36 kN
, , kN
Variable load (wind) H,;,=15:0.6 H,;=3.283 —
m
H,,6,=15:06 H=2.927 kv
m
H,;;,:=150.6 H=2927 LAl
m
6.10b - Variable load as main load
Permanent Ioad GC()IACLTAb :=1.35-0.89 <gp * <Wwindow +Lwall> +gAcol,CLT+2 gbeamACLI"AZ) =61.986 kN

Variable load (imposed) Q.,;;:=1.5 (Wyindow+ Lant) * Ginp=64.8 kN
Wind loads are the same as in load combination 6.10a

Wind load as leading variable load

Imposed load the same as in 6.10a

Variable load (wind) H =15 Hy=5472 kN
m
Hcol,@b =15 H6: 4.878 ﬂ
m
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kN
ol1.b*= 1.5 H1:4.878 —
m

H

C

A4.4.3.6 Load combination for column parts for fire loads

Permanent Ioad Gcol:ﬂre = <gp * <Ww[ndow +Lwall> +gAcol.CLT+ 2 gbeamCLTZ) =51.59 kN
Variable load (imposed) Oeotire™= Wrindow + Lyvant) * Qimp =432 kN
. . kN
Variable load (wind) Heop 11 fire=02 H;;=0.73 —
(Combinated with the imposed m

load having the imposed load

as main load,
) Hcolﬁﬁre :=0.2 H6:065 ﬂ
' m

kN
ol.1.fire :=0.2 H] =0.65 —

m

H

C

A4.4.4 Check of capacity of the CLT-wall

The area between the window can be seen as a column that is subjected to combined compression
and bending.

Oc0.d O-m.yd
+

<1
kcAy 'ch 0.d ﬁn.yd

Permanent as main load

2
HcolA lLa® hwall

Choose the correct wind load Omydlla*= % =0.37 MPa
for the current case Lyan*terr
6

14 * GCO a + col.a,
Choose the correct number of 0, 0dila"= (Ceotcurat Qeota) =6.492 MPa

storeys for the current case Acrr

Oc.0d.1l.a n Omyd.ll.a —0743

kyAc,CLT'fc.OAdACLT f;n,yAdACLT
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Wind load as main load

2

HcalAIAb * hwall
Choose the correct wind load Omydilbl = ;2 =0.617 MPa
for the current case Lot torr
6
Choose the correct number of 4. (G
storeys for the current case Ol p] = *(Georciro + Qeota) —6.06 MPa
ACLT
o-C o-m, na.ll.
.0.d.11.b1 y.d.11.b1 —0.715
kyAc,CLT'fc.OAdACLT fmydCLT
Imposed load as main load
2
HcalAIAa * hwall
8
Omydllb2 =", — 0.37 MPa
Lyai*tcrr
6

14+ (Goorcrrp+ Qcorn)

0c.0.d.11.b2*= =7.157 MPa
Acrr
o, o,
.0.d.11.h2 mydIlb2 _ o o1
kyAc,CLT'fc.OAdACLT fmydCLT
A4.4.4.1 Check of column with regard to fire
2
HcolAI.ﬁre * hwall
8
Onydfie’=—"""—""—"""5 = 0.082 MPa
Lyay+terr
6

14. GCO lr€+ col.Jire,
Oc.0.dfire*= ( e Qeoly ) =5.351 MPa

ACLT
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Uc.O.d.fire + Um.y.d.fire —0.259

ky.c.CLT ° fc.O.d.fire fm.y.d.fire

A4.4.5 Moment capacity of beam
part

Largest bending moment can be found in the middle of the span.

2

eam. * Wyindow
Mygyim Lo Windon 1S (78 kN

8

2

teyreh
Section modulus Wepri= % =0.047 m’

Moment capacity Mpacrri=fuyacrr Wepr=602.592 kN +m

A4.4.6 Shear capacity of beam part

The beam should fulfil the following condition regarding shear

7,<frou 7E b eq. 6.13 in section 6.1
* Yef

Effective width k

cr

:=1.0

beff:: kcr' tCLT: 0.31 m

Qbeam CLT * Wwindow

Veacrr= 5 =39.196 kN
Shear force in simply supported
beam g .
= beam Ed.CLT —0207 MPa
beeam * beff

A4.4.7 Deflection

Quasi-permanent load combination has been used.

Load combination factor w,:=0.3
4
eam + 5. Wyindow
Deflection from the permanent Win CLTG ™= (heamc1r+8y) dov . (1 +kgepcrr) =0.023 mm
load 384- E()Amean ° I}nbeam
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Sew 4

Deflection from the imposed Win.cLT0 = Timp LU v kaercrr) =0.016 mm
load 384- E()Amean * I}nbeam
TOta/ deﬂection Wﬁn = WﬁnACLTG + WﬁnACLTAQ =0.039 mm
. .. Wyindow
Defilection limit Wiimit = =4 mm
400

A4.4.8 Utilisation for beam part of wall

M, T, Wan
wy cpri=—2 T —0.026 upepi=—2—=0.096 uyi=—"=0.01

Rd.CLT vd.CLT Wiimit
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kNm := kN-nr

Appendix AS: Bracing units

In this Appendix the calculations for the design of the bracing units in Section 5.7 in the
component study are presented. The same document was used when designing with regard to fire
by changing the load combinations and the material properties for timber.

AS.1 Wind loads on the fictive building

This part have been calculated according to SS-EN 1991-1-4:2005. Any references made refers to
this code.

A5.1.1 Geometry of the building and description of the terrain

Assuming a 15 storey building with a quadratic cross-section with sides measuring 36 metre. The
height of each floor is assumed to be 3.6 metre, resulting in total height of 54 metre.

Side length a:= 36m

Height h:= 54m

According to section 7.2.2 the wind load of the house should be divided into different zones. With
this height to width ratio two zones is needed, see figure below.

b:=a=36m
b<h<2b=1
h
e
Tn-u Fz,=h galz)=q,ih) 1 Zone 1
T z=h :
| - _‘: ! |: -
b<h=2b| , Lt b
b .
» Zone 2
0 :
> FEFFFFrr FErT r . rg Cr r g FrFTEFFET r -

Height up to top of zone 1 zp:=h=>54m

Height up to top of zone 2 7y =b=36m

Terrain type lll is assumed, giving the following minim um and maxim um heights of the building.

Zpin = 5M Zmin < ?1 < “max Table 4.1 in section 4.3

Zihax = 200m Zimin < 22 < Zmax
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A5.1.2 Basic wind velocity

|Vb = Cdir'cseason'Vb.01 eq. 4.1 in section 4.2
Direction factor Cdir =1 Assumptions made according to EC1-4, notes in 4.2
Season factor Cseason = 1
Wind velocity in Géteborg V.0 = 25 n
’ S
_ _ s
Basic wind velocity Vb = Cdir Cseason’Vb.0 = 22 S

A5.1.3 Mean wind velocity

|Vm(Z) = |~cr(z)~c0(z)~vb1 eq. 4.3 in section 4.3

Terrain roughness factor, result from assumption of the terrain

zp = 0.3m Table 4.1 in section 4.3
ZOH = OOSm
0.07
. Z()
Terrain factor k.= 0.19: =0.215
20.1

Z
Roughness factor for zone 1 Cr 1= kr'h{_lj =1.119

)
Roughness factor for zone 2~ ‘r.2 = kr'h{_j = 1.031

Ormpograpgy factor

m
Vl'l’l.l = Cr_l'Co'Vb =27.963 —

Mean wind velocity zone 1 S

Mean wind velocity zone 2 V2 = €r2Co Vp = 25.779E
. . s

A5.1.4 Wind turbulence

Turbulence factor kj=1
Standard deviation of the oy = kpvykp = 5.385 o
turbulence §
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Oy

Wind turbulence zone 1 1= Vool =0.193 €q. 4.7 in section 4.4
m.
a.
Wind turbulence zone 2 1V 9= =0.209
Vm.2
A5.1.5 Peak velocity pressure
- 12 k_g
Air density pi=125 3
m

Peak velocity is calculated as: qp(z) = |~(1 + 7~IV(Z))~%p~Vm(Z)2w €qg. 4.8 in section 4.5

2 3
Peak velocity pressure zone 1 Ip.1 -~ (1 * 7'1V~1)'0'5p'vm~1 = 1147 107-Pa

Peak velocity pressure zone 2 dp2 = (1 + 7-1V.2)~0.5p~vm.22 =1.023 x 10°.Pa

A5.1.6 Wind pressure on surfaces

Wind pressure is calculated as:  |w:= 4pCp eq. 5.1 in section 5.2

Length of side parallel to wind  d:= a=36m
direction

=

Ratio between hight and side  ratio:= — = 1.5
parallel to wind

o

Form factors for windward side Cpe.lO.D = 0.8

Form factors for leeward side Cpe.lO.E =-0.5+(-0.7 + 05)@ =—-0.525
Ab5.1.6.1 Total wind pressure

Wind pressure for zone 1 wy = qp.l'(cpe.IO.D - Cpe.lO.E) =1.52x 10° Pa
Wind pressure for zone 2 Wy = qp.2'(cpe.10.D - Cpe.lO.E) ~ 1355% 10" Pa
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A5.1.6.2 Distributed wind load

Influencing height for each hfgor = 3-6m
floor level

F.0is not set to zero but the level am is zero so this force will not have any contribution to bracing
members or stabilising walls.

kN o)
f;=h “Wo = 4.878.— ; Gl
1 floor" "2 m 11‘_L1 — B i +
w1 + Wy -~ » 1§
f:=h | =5.176~g 1-_'1,
2 floor 5 m i 14
f3 = hﬂOOI"wl = 5473; Ty — _-i Prefel
i 12
£ hﬂOOr 2737 kN I?j 14 + Y
= Wi = 2. — - 1l
4 2 1 m ;1 =3 —_—
3 10
B 9
-'[-‘1 —*
5| _-}
Fa, o Zone
Fo—» 2
: £
R - =
F, = =
f —o :
: 2
Ty =9
ol 1 Tarbm oo i
F{:. /,1'— ?3.'- ’

o n
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AS5.2 Dimensions of diagonal and chevron bracning

Calculations are performed according to Eurocode for timber and steel.

a

Influence lenath Liyf=—==18m
2
WIND
| | |
*{vT ¥ ¥V ¥ J—
FHown
s m——
ey
Height of one bracing unit Mprace = Pfioor = 3-6m
Width of one bracing unit Whrace = % =9m Have tested for a/4 and a/6
. hyrace
Angle of diagonal memeber  := atan| =21.801-deg
Wbrace
hbrace
Angle of chevron member = atan ——— | = 38.66-deg
Wbrace
2

Length of diagonal member 1 diag = J hbrace2 + Wbra062 =9.693m

2
W
Length of chevron member lohey = j hbmce2 + ( bracej =5.763m

r I
i ;
hbr-'.",ﬂ_ | (Y %‘1_1:;1‘ I'q

[ bace

| 4 | i [

e o
Wi ~ o —
sl W)/ B S
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A5.2.1 Wind load on different storeys
F| = f]-Li,q = 87.807-kN
Fy = fy-Liyq = 93.163-kN
Fy = f3-1;,q = 98.52.kN
Fy = fy-Lq = 49.26-kN

Ab5.2.1.1 Horisontal load on every third floor

The resultant horizontal force accumulates through the building. Here the force is calculated for ever
third floor. The number refers to the storey on which the load is applied.

Hy = Fy + 2F; = 246.299-kN

Hyi= Fy + 4F3 + Fy + 6F) = 1.063 x 10°KN
Hyi= Fy + 4F3 + F5 + 9F| = 1327 x 10°kN

The forces in the diagonal bracing units and chevron bracing units are then calcualted for different
storeys.

Force in diagonal bracing unit Force in chevron bracing
Py, = s _ 265.272-kN P M I 157.708-kN
137 o) : 13.chev = " (002 :
Pigi= o _ 577.83-kN P _ 1o _ 343.529-kN
10 os() : 10.chev = " (02 :
H, H
Py = = 861.543-kN P = = 512.2.kN
7 cos(p) 7.chev cos(o) 2
Hy 3 H
P, = = 1.145x 107 kN P = = 680.872-kN
4 cos(p) 4.chev cos(o) 2
H, 3 H
P, = = 1.429 x 107 kN Pl chey = = 849.544-kN
cos(p) ) cos(a) 2

A5:6



P13 chev

"10 P10.chev

Pi=) F7 Pehev = | P7.chev
P4 P4 chev

"1 P| chev

A5.2.2 Material data for glulam

Ab5.2.2.1 Characteristic strenght value

Compression parallell to grain £, =30MPa  (Assume strenght class GL30h)

.0.k.glulam
Tension parallell to grain ft.O.k.glulam = 24MPa
Elastic modulus E0.05.glulam = 11300MPa

Partial factors: YM.glulam = 1.25

Assuming short term load and service class 2

Kmod.glulam = 09

kdef = 0.8

A5.2.3 Single diagonal bracing, glulam

Dimensioning of glulam diagonals, by first assuming a cross-section which the capacity is
calcualted for. And then changing cross-section until sufficient dimensions are obtained.

Calculations are made according to SS-EN 1995-1-1:2004, all references is made to this Eurocode.

A5.2.3.1 Dimensions

Five different cross-section are calculated for because of the five different loads, corresponding to
diagonals on different storeys.

i:=0.4
Width of cross-section Height of cross-section
2-140 8-45
2-165 7-45
Welulam = 2:165 mm hglulam = | 8-45 |mm
2-190 8-45
2-190 9-45
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h

Area of cross-section Aglulami = glulami' glulami
) . 600mm 0.1 .
Effect of member size kh glulam.y, = | min h s L1 I hopyjapy, < 600mm
! glulam, !

1 otherwise

0.1
. . 600mm )
kh.glulam.z. = | mim - 1.1 if hglulam. < 600mm
! Welulam, i

1 otherwise

A5.2.3.2 Design strength values
f

; : c.0.k.glulam
Compres_s:on p arallell to grain fc.O.d.glulam.y. = kmod.glulam'kh.glulam.y.'
y and z direction 1 I M.glulam
. fc.0 k. glulam
fc.O.d.glulam.zi = kmod.glulam'kh.glulam.zi' Malul
.glulam
¢ . ft.O.k.glulam
Tension parallell to grain t.0.d.glulam = kmod.glulam'
TM.glulam

(Neglecting size effects in tension, because it is unknown which
side is the width.)

Ab5.2.3.3 Compression capacities
A diagonal bracing unit can be modelled as a colum n subjected to compression, hence the

following expression should be fulfilled.

eq. 6.23 in section 6.3

Critical axial load: |Ncr = kLo q A1

Second moment of inertia and slenderness with respect to both directions.

3 3
ngulami'(hglulami> (ngulami> 'hglulami
Iglulam.yyi = 12 Iglulam.zzi =

12

Iglulam.zzi

i = .
glulam.y, 'glulam.z, =

Aglulami
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. ldiag ) ldiag
>‘glulam.yi = >‘glulam.zi =
glulam.y; glulam.z,
N DN
N ) glulam.y, fc.O.k.glulam N glulam z; fc.O.k.glulam
rel.glulam.y. = ' rel.glulam.z, = '
! “ E.05.glulam & ! “ E0.05.glulam

Reduction factor of the strength for both directions

Be.glulam = 0-1

2 . .
kglulam.yi = 0'5'[1 + 6c.glulam' (>‘1rel.glulam.yi - 03) + (Xrel.glulam.yg J €q. 6.27 in section 6.3

2
kglulam.zi = 0'5'[1 + 6c.glulam' (>‘1rel.glulam.zi - 03) + (Xrel.glulam.zg J

1

2
kglulam.yi + j (kglulam.yi> B (Xrel.glulam.yg

1

2 2
kglulam.zi + j (kglulam.zi> B (Xrel.glulam.zg

ke, glulam.y, =

2 eg. 6.25 in section 6.3

ke, glulam.z, =

Critical axial load and the capacity fo the single diagonal bracing unit

g
. . .0. , .
By the condition given for columns, _c0d <1 the maximum compression stress can be

k.. -f
calculated as: cy ¢0.d

9¢.0.d = kc'fc.O.d1

=k

Maximum stress with regard c.glul am.yi'fc.O. dglulam.y,

0¢.0.d.glulam.y.
to y-direction guamy

Maximum stress with regard ~ °c.0.d.glulam.z, = kc.glulam.zi'fc.O.d.glulam.zi

to z-direction

Maximum axial load N

in y- and z-direction

cr.glulam.y, = O'c.O.d.glulam.yi'Aglulami

Ncr.glulam.zi = O'c.O.d.glulam.zi'Aglulami

Maximum axial load Ncr.glulami = min(Ncr.glulam.yi’Ncr.glulam.zi>
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N

AS5.2.34

cr.glulam =

Compression capacity

574.61
733.371
910.868

1.223 x 103

1.511 x 103

Tension capacities

kN

Applied load

265.272
577.83
861.543

1.145 x 103

1.429 x 103

kN

Utilisation ratio

46.166
78.791

= 94.585
cr.glulam 93.651

P
N

94.597

Members subjected to tension should fulfill the following condition according to Eurocode.

Actual tension stress

Tension stress capacity

Maximum axial tension force

Tension capacity

1742 % 10°

1796 x 10°

_ 3
Nt d.glulam = | 2.053 x 10 |

2364 % 10°

2.659 x 10°

0t0d= frod

o =
t.0. glulami A

Gt.0.glulam =

eq. 6.1 in section 6.1

P.

1

glulam,

2.632
5.559
7.252 |-MPa
8.372
9.285

ft.0.d.glulam = 17-28-MPa

Nt.d.glulami = ft.O.d.glulam'Aglulami

t.0.glulam = t.0.d.glulam =

Utilisation ratio

P

Nid. glulam
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A5.2.3 Chevron bracing, glulam

Dimensioning of glulam diagonals, by first assuming a cross-section which the capacity is
calcualted for. And then changing cross-section until sufficient dimensions are obtained.

Calculations are made according to SS-EN 1995-1-1:2004, all references is made to this Eurocode.

A5.2.3.1 Dimensions

Width of cross-section Height of cross-section
215 5-45
2-115 6-45
Wolulam.chey = | 2'140 jmm holylam.chey = | 6-45 |mm
2-140 6-45
2-165 6-45
Area of cross-section Aglulam.chevi = glulam.chevi'hglulam.chevi

0.1
Effect of member size ky glulam.chev.y. = mi [116&} ,L.11 if h < 600mm
. . Y,
g

glulam.chev.
lulam.chev, !

1 otherwise

0.1
. . 600mm .
kh.glulam.chev.z, = | Mi | L1 hopyiam chey, < 600mm
! ngulam.chevi 1

1 otherwise

A5.2.3.2 Design strength values

f
; ; c.0.k.glulam
Compr ession par allell to grain fc.0.d.glulam.chev.y. = ¥mod.glulam *¥h.glulam.chev.y.”
y- and z-direction 1 I YM.glulam

fc.0.k.glulam
fc.0.d.glulam.chev.z, = Xmod.glulam *h.glulam.chev.z,”
! 1 TM.glulam
, . ft.O.k.glulam
Tension parallell to grain ft.O.d.glulam.cheV = kmod.glulam'
TM.glulam

(Neglecting size effects in tension, because unknown which side is
the width.)
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Ab5.2.3.3 Compression capacities

A chevron bracing unit can be m odelled as a column subjected to compression, hence the
following expression should be fulfilled.

eq. 6.23 in section 6.3

Critical axial load: |Ncr =k by 0.4 A1

Second moment of inertia and slenderness

3
Welulam.chev;’ (hglulam.chevi>

I =
glulam.chev.yyi 12

Iglulam.chev.yyi

lolulam.chev.y. =
g % Aglulam.chevi

lchev

>‘glulam.chev.yi =

i glulam.chev.y;

N
glulam chev.y; fc.O.k.glulam

Arel. glulam.chev.y, =

“ Eg.05. glulam

3
(ngulam.chevi> 'hglulam.chevi
Iglulam.chev.zzi = 12

Iglulam.chev.zzi

lolulam.chev.z. =
g ! Aglulam.chevi

lchev

Nglulam.chev.z, = *

1glulam.chev.zi

xglulam.chev.zi f

.0.k.glulam

A

rel.glulam.chev.z, -~
& ! “ E0.05.glulam
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Reduction factor for the capacity

Be.glulam.chey = 0-1

2
kglulam.chev.yi = 05'[1 + ﬁs(;,glulam.chev'(>‘1rel.glulam.chev.yi - 03) + (Xrel.glulam.chev.yg J

2
kglulam.chev.zi = 0'5'[1 + 6c.glulam.chev'(>‘1rel.glulam.chev.zi - 03) + (Xrel.glulam.chev.zg J

k

1

c.glulam.chev.y, =

k

K K SN
glulam.chev.yi + ( glulam.chev.yi> _( rel.glulam.chev.yi>

2

1

c.glulam.chev.z. =
1

2
kglulam.chev.zi + j (kglulam.chev.zi> B (Xrel.glulam.chev.zg

2

Critical axial load and the capacity fo the diagonal

By the condition given for columns,

calculated as:

Maximum stress with regard
to y-direction

Maximum stress with regard
to z-direction

Maximum axial load in
y.- and z-direction

Maximum axial load

Compression capacity

455.795
661.614

3
— | 1.044 x 10
Ncr.glulam.chev - 8

1,044 x 10°

1.231 x 103

0c.0.d

<1 the maximum compression stress can be

kc.y' fe.0.d

9¢.0.d = kc'fc.O.d1

=k

9¢.0.d.glulam.chev.y; - c.glulam.chev.yi'fc.O.d.glulam.chev.yi

9¢.0.d.glulam.chev.z, = kc.glulam.chev.zi'fc.O.d.glulam.chev.zi

N

cr.glulam.chev.y, = O'c.O.d.glulam.cheV.yi'Aglulam.chevi

N

cr.glulam.chev.z, = 9¢.0.d.glulam.chev.z. Aglulam.chev.
1 1 1

I\Icr.glulam.chevi = min(Ncr.glulam.chev.yi ’ Ncr.glulam.chev.zJ

Applied load Utilisation ratio

157.708 34.601

343.529 Pepoy 51.923

kN Pohev=| 5122 KN ——————=149.039
680.872 cr.glulam.chev 65.188

849.544 69.013
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Ab5.2.3.4 Tension capacities

Members subjected to tension should fulfill the following condition according to Eurocode:
o 0d=< fod €q. 6.1 in section 6.1

Pchevi

Actual tension stress 9t.0.glulam.chev, = 7
glulam.chev,

3.26
5.532
6.775 |-MPa
9.006
9.535

Gt.0.glulam.chev =

Tension stress capacity ft.0.d.glulam.chev = 17-28-MPa

t.0.glulam.chev = f.0.d.glulam.chev =

Tension capacity expressed in kN

Maximum axial tension force I\It.d.glulam.chevi = ft.O.d.glulam.chev'Aglulam.chevi

Tension capacity Utilisation ratio
835.92
3 31.734
1.073 x 10 53.847
3 P
Nt d.glulam.chey = | 1:306x 107 |-kN m = | 65.949 |-%
t.d.glulam.chev
1306 x 10° 87.667
3 92.811
1.54x 10
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A5.2.4 Steel members

Dimensions of the steel members are designed with help of table from Tibnor. The table tells the
capacity of a column in compression. In this case the members can be subjected to tension as
well. Therefore their tension capacity is controlled.

The areas and loads are changed when testing for different lengths of the members.

158
344
512 (kN (The loads are for the length of 5.7 metre)
381
850

Force in diagonal member Ngq:=

According to SS-EN 1993-1-1:2005 section 6.2.3 the design value for the thension force Ned for
each cross-section should satisfy:

NEd < Ntrd eq. 6.5 in section 6.2

A
Tension capacity NiRd= —
M0
Ab5.24.1 Material properties and geometries
Yield strength fy = 355MPa
Partial factor Mo = 1
2060 1710
Areas for the cross-section 3520 2 3060 5
obtained in the tables AyKR = | 4160 |mm Agckr = | 4030 |mm
5090 4670
5490 5770
A5.24.2 Tension capacity
A -, A -f,
) VKR 'y , KCKR'y
VKR-profiles N(RAVKR= —— KCKR-profiles N(RIKCKR= ———
T™MO T™MO
Utilisation ratio VKR -profiles Utilisation ratio KCKR-profiles
21.605 26.028
N 27.529 N 31.667
Ed Ed
N— =| 34.67 % N— =|35.788 [-%
t.Rd.VKR 21.085 t.Rd.KCKR 22.982
43.613 41.497
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Appendix A6

The tables in this appendix contain complementary information to the tables in Chapter 5.

A6.1 Columns
Table 1 Dimensions of glulam columns. Complementary information to Table 3 in
Chapter 5
Glulam, Lc40 Dimension [mm] Height [mm] Width [mm] Utilisation [%]

0.5 MN 280x270(f) 6x45 2x140 38.2
1 MN 330x270(f) 6x45 2x165 64.8
2 MN 330x%360 8x45 2x165 95.9
3 MN 430x405 9x45 2x215 98.4
4 MN 430%540 12x45 2x215 99.5
5 MN 570x540 12x45 3x%190 94.1
6 MN 645x540 12x45 3x215 99.9
7 MN 645%630 14x45 3x%215 99.9

Table 2 Dimensions of glulam columns. Complementary information to Table 3 in

Chapter 5. The values in the column with dimensions after fire are referring to
the dimensions the column after 90 min of standard fire.

Load ULS Load fire Dim. before Dim. after Utilisation Utilisation
fire fire ULS load Fire load
0.5 0.267 280x270 163%153 38.2 54.6
1 0.533 330%270 213%x153 64.8 83.6
2 1.066 330%360 213%243 95.9 69.5
3 1.599 430x405 313x288 98.4 53.3
4 2.132 430%540 313%423 99.5 47.7
5 2.655 570%x540 453%x423 94.1 40.0
6 3.198 645x540 528x423 99.9 41.2
7 3.731 645%x630 528%513 99.9 39.2
Table 3 Dimensions of concrete columns. Complementary information to Table 3 in

Chapter 5. Additional dimensions due to fire are not included in this table.

Concrete, C30/37  Dimension  Reinforcement Mgq[kKNm] Meq Utilisation

[mm] [KNm] [%6]

0.5 MN 224x224 2+2¢20 44.700 36.891 82.5
1 MN 266x266 2+ 2620 65.826 62.962 95.6
2 MN 324x324 3+3¢20 92.390 78.428 84.9
3 MN 374x374 4 +4¢20 105.094 75.488 71.8
4 MN 412x412 5+5 ¢20 86.188 84.962 98.6
5 MN 458%x458 6 +6 ¢20 103.146 84.609 82.0
6 MN 495x495 7+7¢20 94.279 91.568 97.1
7 MN 534x534 8 +8 ¢20 110.253 97.178 88.1
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Table 4 Dimensions of HEA columns. Complementary information to Table 3 in Chapter
5. In column two and three the additional fire protection can be seen.
HEA S355J2 Profile Height [mm] Width [mm)] Utilisation [%]
0.5 MN HEA160 152 + 2x30.8 160 + 2x30.8 82.0
1 MN HEA200 190 + 2x30.8 200 + 2x30.8 71.7
2 MN HEA260 250 + 2x30.8 260 + 2x30.8 91.3
3 MN HEA300 290 + 2x30.8 300 + 2x30.8 97.7
4 MN HEA400 390 + 2x30.8 300 + 2x30.8 88.9
5 MN HEA450 440 + 2x30.8 300 + 2x30.8 99.6
6 MN HEAG600 590 + 2x30.8 300 + 2x30.8 97.1
7 MN HEAS800 790 + 2x30.8 300 + 2x30.8 92.1
Table 5 Dimensions of VKR columns. Complementary information to Table 3 in Chapter
5. In column two and three the additional fire protection can be seen.
VKR Height [mm] Width [mm] Thickness [mm] Utilisation [%]
S355J2H
0.5 MN 100 + 2x30.8 100 + 2x30.8 8 99.8
1 MN 150 + 2x30.8 150 + 2x30.8 6.3 99.0
2 MN 180 + 2x30.8 180 + 2x30.8 10 98.5
3 MN 250 + 2x30.8 250 +2x30.8 10 95.8
4 MN 250 + 2x30.8 250 + 2x30.8 16 82.8
5 MN 350 + 2x30.8 350 + 2x30.8 12,5 87.1
6 MN 300 + 30.8 300 + 30.8 16 99.3
7 MN 350 + 30.8 350 + 30.8 16 96.7
A6.2 Beams
Table 6 Dimensions for glulam beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.
Glulam, L40c, I Dimension Height Width  Height Utilisation Utilisation  Utilisation
Infl. length 10m [mm] [mm] [mm]  /width M [%] V [%] deflection
[%]
4m 495x330 11x45  2x165 1.5 56.0 92.9 58.8
6m 630%380 14x45  2x190 1.7 69.3 95.5 84.2
8m 810x380 18x45  2x190 2.1 74.8 99.5 94.5
10m 990x430 22x45  2x215 2.3 69.7 90.7 90.3
12m 1170x430 26x45  2x215 2.7 72.3 92.5 95.1
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Table 7 Dimensions for glulam beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.
Glulam, L40c, Il Dimension Height Width  Height Utilisation Utilisation  Utilisation
Infl. length 10m [mm] [mm] [mm]  /width M [%] V [%] deflection
[%]
4m 810x190 18x45 190 4.3 37.0 98.5 23.3
6m 1080%215  24x45 215 5.0 41.6 98.4 29.5
8m 1125x280  25%x45  2x140 4.0 52.7 97.3 47.9
10m 1395x280  31x45 2x140 5.0 53.8 98.6 49.4
12m 1440x330 32x45 2x165 4.4 62.0 97.8 66.3
Table 8 Dimensions for Kerto-S beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.
LVL, Kerto-S, 1 Dimension  Height Width Height  Utilisation Utilisation Utilisation
Infl. length 10m [mm] [mm] [mm] /width M [%] V [%] deflection
[%]
4m 430x300 430 4x75 14 55.9 96.3 92.9
6m 600x375 600 5x75 1.6 52.1 83.5 93.3
8m 800x%375 800 5%75 2.1 52.4 84.0 94.0
10m 940x450 940 6x75 2.1 49.9 75.2 95.5
12m 1130%450 1130 6x75 2.5 50.1 75.5 95.9
Table 9 Dimensions for Kerto —S beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.
LVL, Kerto-S, Il Dimension  Height  Width Height  Utilisation Utilisation Utilisation
Infl. length 10m [mm] [mm] [mm] /width M [%] V [%] deflection
[%]
4m 800x%225 800 3x75 3.6 21.6 69.3 19.3
6m 850%225 850 3x75 3.8 43.2 97.9 54.5
8m 1120x225 1120 3x75 5.0 44.4 99.6 56.8
10m 1100x300 1100 4x75 3.7 54.3 95.6 88.6
12m 1290%300 1290 4x75 4.3 57.1 98.3 95.5
Table 10 Dimensions for HEA beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.
HEA, infl. 10 m Profile Height [mm] Width [mm] Utilisation [%]
4m HEA280 270 + 30.8 280 + 2x30.8 95.9
6m HEA400 390 +15.4 300 + 2x15.4 93.3
8m HEA550 540 + 15.4 300 + 2x15.4 90.4
10m HEA700 690 + 15.4 300 + 2x15.4 91.6
12m HEA900 890 + 15.4 300 + 2x15.4 78.9
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Table 11 Dimensions for HEB beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.

HEB, infl. 10 m Profile Height [mm] Width [mm] Utilisation [%]
4m HEB 260 260 + 30.8 260 + 2x30.8 89.6
6m HEB360 360 + 30.8 300 + 2x30.8 96.8
8m HEB500 500 + 15.4 300 + 2x15.4 95.4
10m HEB650 650+ 15.4 300 + 2x15.4 93.6
12m HEBB800 800+ 15.4 300 + 2x15.4 92.9

Table 12 Dimensions for Concrete beams with an influence length of 10 metres.
Complementary information to Table 6 in Chapter 5.

Concrete RB/F  Dimension RB/F

Infl. 10 m [mm]
4m 400%200 20/40
6m 500x300 30/50
8m 600x400 40/60
10m 700x400 40/70
12m 800x400 40/80

Table 13 Dimensions for glulam beams with an influence length of 6 metres.
Complementary information to Table 7 in Chapter 5.

Glulam, L40c, I Dimension Height Width  Height Utilisation Utilisation  Utilisation

Infl. length 6m [mm] [mm] [mm]  /width M [%] V [%] deflection
[%]
4m 405x230 9x45  2x115 1.8 70.6 97.6 924
6m 540%330  12x45  2x165 1.6 64.7 77.3 92.9
8m 720330  16x45  2x165 2.2 65.8 77.8 93.7
10m 855x380  19x45  2x190 2.3 64.0 71.8 96.1
12m 1035%380  23x45  2x190 2.7 63.3 71.7 945

Table 14 Dimensions for glulam beams with an influence length of 6 metres.
Complementary information to Table 7 in Chapter 5.

Glulam, L40c, Il Dimension  Height Width  Height Utilisation Utilisation  Ultilisation

Infl. length 6m [mm] [mm] [Mm]  /width M [%] V [%] deflection
[%]
4m 675x165(f)  15x45 165 4.1 36.9 81.8 27.9
6m 765%190 17x45 190 4.0 56.4 94.4 56.5
8m 855x215 19x45 215 4.0 71.2 100 85.2
10m 1035x230  23x45  2x115 4.5 71.4 97.1 88.4
12m 1170x280  26x45  2x140 4.2 66.8 85.5 88.0
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Table 15 Dimensions for Kerto-S beams with an influence length of 6 metres.

Complementary information to Table 7 in Chapter 5.

LVL, Kerto-S, I Dimension Height Width  Height Utilisation Utilisation  Utilisation
Infl. length 6m [mm] [mm] [mm] /width M [%] V [%] deflection
[%]
4m 400%225 400 3x75 1.8 51.8 83.0 92.5
6m 540x300 540 4x75 1.8 48.4 69.8 96.4
8m 720%300 720 4x75 2.4 48.8 70.3 97.3
10m 840%375 840 5x75 2.2 454 61.0 97.4
12m 1020x375 1020 5x75 2.7 44.7 60.9 95.1
Table 16 Dimensions for Kerto-S beams with an influence length of 6 metres.
Complementary information to Table 7 in Chapter 5.
LVL, Kerto-S, Il Dimension  Height Width  Height Utilisation Utilisation  Utilisation
Infl. length 6m [mm] [mm] [mm]  /width M [%] V [%] deflection
[%]
4m 500x225(f) 500 3x75 2.2 33.2 66.6 47.6
6m 750%225(f) 750 3x75 5.0 335 67.1 48.0
8m 800x225 800 3x75 3.6 52.4 84.0 94.0
10m 1000x225 1000 3x75 4.4 52.7 84.5 94.8
12m 1200x225 1200 3x75 5.3 53.0 85.0 95.5

Table 17 Dimensions for HEA beams with an influence length of 6 metres.

Complementary information to Table 7 in Chapter 5.

HEA, infl. 6 m Profile Height [mm)] Width [mm] Utilisation [%]
4m HEA260 250 + 30.8 260 + 2x30.8 76.7
6m HEA340 330 +30.8 300 + 2x30.8 87.9
8m HEA450 440 + 15.4 300 + 2x15.4 90.7
10 m HEAG00 590 + 15.4 300 +2x15.4 80.6
12m HEAT700 690 + 15.4 300 + 2x15.4 89.8

Table 18 Dimensions for HEB beams with an influence length of 6 metres.

Complementary information to Table 7 in Chapter 5.

HEB, infl. 6 m Profile Height [mm)] Width [mm] Utilisation [%]
4m HEB240 240 + 30.8 240 + 2x30.8 72.7
6m HEB300 300 + 30.8 300 + 2x30.8 95.1
8m HEB450 450 + 15.4 300 + 2x15.4 73.6
10m HEB550 550 + 15.4 300 + 2x15.4 82.7
12m HEB650 650 + 15.4 300 + 2x15.4 92.0
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Table 19 Dimensions for concrete beams with an influence length of 6 metres.
Complementary information to Table 7 in Chapter 5.

Concrete RB/F  Dimension RB/F

Infl. 6 m [mm]
4m 300x200 20/30
6m 500x200 20/50
8m 500x300 30/50
10m 600x400 40/60
12m 700x400 40/70

A6.3 Floor elements

Table 20 Dimensions of timber-concrete composite floor elements. Complementary
information to Table 8 in Chapter 5.

Composite floor Height Width Utilisation Fundamental
deflection [%] frequency [Hz]
6m 290 165 100 7.68
8m 390 210 84.3 7.01
10m 550 220 62.5 7.03
12m 725 220 47.2 7.04

Table 21 Dimensions of hollow core floor elements. Complementary information to Table
8 in Chapter 5.

Hollow core slab Height HD/F
6m 200 HD/F 120/20
8m 200 HD/F 120/20
10m 270 HD/F 120/27
12m 270 HD/F 120/27

Table 22 Dimensions of TT floor elements. Complementary information to Table 8 in

Chapter 5.
TT-slab Height TT/F
6m 200 TT/F 240/20
8m 200 TT/F 240/20
10m 300 TT/F 240/30
12m 400 TT/F 240/40
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A6.4 Timber wall elements

Table 23 Dimensions for timber walls without fire gypsum board. Complementary
information to Table 12 in Chapter 5.

Infl. 6m Thickness Utilisation Utilisation, M Utilisation, V  Utilisation, u

Lwall 0.8m [mm] Column[%] beam [%] beam [%] beam [%]

1% floor 310 81.6 2.6 9.6 1.0

6™ floor 259 71.0 3.1 10.8 1.2

11" floor 158 95.2 5.0 15.7 2.1

Table 24 Dimensions for timber walls without fire gypsum board. Complementary
information to Table 13 in Chapter 5.
Thickness Utilisation Utilisation, M Utilisation, V  Utilisation, u

Infl. 6m [mm] Column[%] beam [%] beam [%] beam [%]

Lwall 1.0 m

1% floor 259 95.4 3.1 10.8 1.2

6" floor 259 62.6 3.1 10.8 1.2

11" floor 158 82.5 5.0 15.7 2.1

Table 25 Dimensions for timber walls without fire gypsum board. Complementary
information to Table 10 in Chapter 5.

Infl. 4m Thickness Utilisation Utilisation, M Utilisation, V  Utilisation, u

Lwall 0.8m [mm] Column[%] beam [%] beam [%] beam [%]

1% floor 259 78.1 2.1 7.5 0.8

6" floor 221 86.9 2.5 8.7 0.8

11" floor 158 70.4 3.4 10.7 14

Table 26 Dimensions for timber walls without fire gypsum board. Complementary
information to Table 11 in Chapter 5.

Infl. 4m Thickness Utilisation Utilisation, M Utilisation, V  Utilisation, u

Lwall 1.0m [mm] Column[%] beam [%] beam [%] beam [%]

1% floor 259 68.8 2.1 7.5 0.8

6" floor 208 92.4 2.6 9.8 0.8
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A6.5 Diagonal bracing

Table 27 Dimensions for glulam diagonal bracing with a buckling length of 9.7 metres.
Complementary information to Table 15 in Chapter 5.
Glulam (9.7 m) Storey Height Width Ncrd Nt Rd Utilisation
[mm] [mm] [kNH [KN] [%6]
265 kN 13 (f) 8x45 2x140 575 1742 46.2
578 kN 10 7x45 2x165 733 1796 78.9
862 kN 7 8x45 2x165 911 2053 94.6
1145 kN 4 8x45 2x190 1223 2364 93.6
1429 kKN 1 9x45 2x190 1511 2659 94.6
Table 28 Dimensions for glulam diagonal bracing with a buckling length of 7 metres.
Complementary information to Table 14 in Chapter 5.
Glulam (7 m) Storey Height Width NcRrd Nt rd Utilisation
[mm] [mm] [kN] [kN] [%]
287 kN 13 (f) 7%x45 2x115 539 1252 53.3
626 kN 10 (f) 7x45 2x140 926 1524 67.5
933 kN 7 7%x45 2x165 1325 1796 70.4
1240 kN 4 7%x45 2x165 1325 1796 93.6
1547 kN 1 8x45 2x165 1626 2053 95.1
Table 29 Dimensions for VKR diagonal bracing with a buckling length of 10 metres.
Complementary information to Table 15 in Chapter 5.
VKR S355J2H  Storey  Height Width t NcRrd Nt Rd Utilisation
(10m) [mm] [mm] [mm]  [KN]  [kN]  [%]
265 kN 13 180 + 2x30.8 180 + 2x30.8 6.3 395 1537 67.1
578 kN 10 180 + 2x30.8 180 + 2x30.8 10 585 2375 98.8
862 kN 4 200 + 2x30.8 200 + 2x30.8 12.5 959 3270 89.9
1145 kN 4 200 + 2x30.8 200 + 2x30.8 16 1150 4083 99.6
1429 kN 1 250 + 2x30.8 250 + 2x30.8 10 1510 3369 94.6
Table 30 Dimensions for VKR diagonal bracing with a buckling length of 7 metres.

Complementary information to Table 14 in Chapter 5.

VKR S355J2H  Storey  Height Width t NcRrd N Rrg Utilisation
(7. m) [mm] [mm] [mm]  [kN]  [kN]  [%]
287 kN 13 140 + 2x46.2 140 +2x46.2 5 294 948 97.6
626 kN 10 150 + 2x30.8 150+ 2x30.8 10 641 1949  97.7
933 kN 7 180 + 2x30.8 180 +2x30.8 10 1080 2375 86.4
1240 kN 4 200 +2x30.8 200 +2x30.8 10 1430 2659  86.7
1547 kN 1 200 +2x30.8 200 +2x30.8 125 1730 3270 89.4
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Table 31 Dimensions for KCKR diagonal bracing with a buckling length of 10 metres.
Complementary information to Table 15 in Chapter 5.

KCKR S355J2H Storey Diameter [mm] t NcRrd N¢ra [KN]  Utilisation

(10 m) [mm] [KN] [%]

265 kN 13 168.3 + 2x30.8 8 290 1431 914

578 kKN 10 2445+ 2x30.8 8 622 2109 92.9

862 kN 7 273.0 +2x30.8 10 1020 2932 84.5

1145 kN 4 273.0+2x30.8 125 1240 3621 92.3

1429 kN 1 323.9 +2x30.8 10 1550 3500 92.2

Table 32 Dimensions for KCKR diagonal bracing with a buckling length of 7 metres.
Complementary information to Table 14 in Chapter 5.

KCKR S355J2H Storey Diameter [mm] t N rd N¢rg [KN]  Utilisation

(7m) [mm] _ [KN] [%]

287 kKN 13 168.3 + 2x30.8 6 310 1086 92.6

626 kN 10 193.7 + 2x30.8 10 709 2048 88.3

933 kN 7 219.1 +2x30.8 10 970 2332 96.2

1240 kN 4 2445+ 2x30.8 10 1260 2616 98.4

1547 kN 1 273.0+2x30.8 10 1610 2932 96.1

A6.6 Chevron bracing

Table 33 Dimensions for glulam chevron bracing with a buckling length of 4.7 metres.
Complementary information to Table 16 in Chapter 5.
Glulam Storey Height Width Ncrd N rd Utilisation
(4.7 m) [mm] [mm] [KN] [KN] [%]
192 kN 13 (f) 5x45 215 656 836 29.3
419 kN 10 (1) 6x45 2x115 937 1073 44.7
625 kN 7 () 7x45 2x115 1093 1252 57.2
830 kN 4 (f) 6x45 2x140 1378 1306 63.6
1036 kN 1 () 6x45 2x165 1624 1540 67.3
Table 34 Dimensions for glulam chevron bracing with a buckling length of 5.7 metres.
Complementary information to Table 17 in Chapter 5.
Glulam Storey Height Width N¢rd N rd Utilisation
(5.7 m) [mm] [mm] [KN] [KN] [%]
158 kN 13 (f) 5x45 215 456 836 34.6
344 kN 10 (f) 6x45 2x115 662 1073 51.9
512 kN 7 (f) 6x45 2x140 1044 1306 49.0
681 kN 4 (f) 6x45 2x140 1044 1306 65.2
850 kN 1(f) 6x45 2x165 1231 1540 69.0
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Table 35 Dimensions for VKR chevron bracing with a buckling length of 4.7 metres.

Complementary information to Table 16 in Chapter 5.

Storey  Height Width t NcRrd Nt Rd Utilisation
VKR S355J2H [mm] [mm] [mm]  [KN] [KN] [%6]
(4.7 m)
192 kN 13 100 + 2x46.2 100 + 2x46.2 5 225 664 85.5
419 kN 10 120 + 2x46.2 120 + 2x46.2 6.3 456 1001 919
625 kN 7 140 + 2x30.8 140 + 2x30.8 6.3 680 1182 91.9
830 kN 4 140 + 2x30.8  140+2x30.8 8 834 1477 995
1036 kN 1 150 + 2x30.8 150 + 2x30.8 10 1186 1949 874
Table 36 Dimensions for VKR chevron bracing with a buckling length of 5.7 metres.
Complementary information to Table 17 in Chapter 5.
VKR S355J2H  Storey  Height Width t NcRrd N g Utilisation
(5.7 m) [mm] [mm] [mm]  [kN] [KN] [%]
158 kN 13 120 + 2x46.2 120 + 2x46.2 4.5 248 731 63.7
344 kN 10 120 + 2x30.8 120+ 2x30.8 8 399 1250 86.2
512 kN 7 140 + 2x30.8 140 +2x30.8 8 625 1477  81.9
681 kN 4 140 + 2x30.8 140 + 2x30.8 10 745 1807 914
850 kN 1 150 + 2x30.8 150 + 2x30.8 10 905 1949  93.9
Table 37 Dimensions for KCKR chevron bracing with a buckling length of 4.7 metres.
Complementary information to Table 16 in Chapter 5.
KCKR S355J2H Storey Diameter [mm] t Ne¢.Rrd Nira [KN]  Utilisation
(4.7 m) [mm] [KN] [%]
192 kN 13 139.7 + 2x30.8 4 241 607 79.7
419 kN 10 139.7+2x30.8 8 449 1175 93.3
625 kN 7 168.3 + 2x30.8 8 706 1431 88.6
830 kN 4 193.7 +2x30.8 8 958 1658 86.6
1036 kN 1 193.7 + 2x30.8 10 1172 2048 88.4
Table 38 Dimensions for KCKR chevron bracing with a buckling length of 5.7 metres.
Complementary information to Table 17 in Chapter 5.
Storey Diameter [mm] t NcRrd Nirg [KN]  Utilisation
KCKR $355J2H [mm] [kN] [%]
(5.7 m)
158 kN 13 139.7 + 2x30.8 4 180 607 87.6
344 kN 10 168.3 +2x30.8 6 424 1086 81.2
512 kN 7 168.3 + 2x30.8 8 549 1431 93.3
681 kN 4 193.7 +2x30.8 8 773 1658 88.1
850 kN 1 193.7 + 2x30.8 10 944 2048 90.1
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Appendix B: Drawings of the reference building
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Appendix C1: Wind loads on the
reference building

In this Appendix the calculations of the wind loads acting on the reference building are presented.
These values are used for the development of structural systems. This part have been calculated
according to SS-EN 1991-1-4:2005. Any references made refers to this code.

Cl.1 Geometry & description of the terrain

Thickness of wall

Lenght of north facade

twall = 0.43m

ln = 322m + 2twall =33.06m

Lenght of east facade lg = 36.425m + 2t = 37.285m
Lenght of south facade lg 1= 10.8m
lg 5= 214m + 2ty = 22.26m
Lenght of west facade Iy 1= 16.8m + 2ty = 17.66m
Ly = 19.625m
Total height of the ¢ = 52.65m
building
: L :
T4
T ].B
Iw:2
-+ ! -
L l=2

It is assumed that the effect from the wind is equally large on the west and east side. The same
assumtion is made for the north and the south side.
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According to section 7.2.2 the wind load of the house should be divided into different zones. With
this height to width ratio two zones is needed, see figure below.

bl = ln =33.06m b2 = le =37285m
by <hg<2:by=1 by <hyy < 2:by =1
h
T s D qp21=apih) | Zone 1
=h I
b<h=zzb| . _:r'i‘- quiz)=aquit - _;
b .
» Zone 2
t° :

Height of zones when wind from north
Height up to top of zone 1 Z] n = hyor=52.65m

Height up to top of zone 2 7y = by =33.06m

Height of zones when wind from east
Height up to top of zone 1 7] o = hyoy = 52.65m

Height up to top of zone 2 7y o= by =37285m

Terrain type lll is assumed, giving the following minim um and maxim um heights of the building.

Zpin = 5M Zmin < %1 < max Table 4.1 in section 4.3

Ziax = 200m Znin < 22 < Zmax

Cl.2 Basic wind velocity

|Vb = cdilr'cseason'Vb,O1 €q. 4.1 in section 4.2
Direction factor Cdir =1 Assumptions made according to EC1-4, notes in 4.2
Season factor Cseason = |
Wind velocity in Géteborg Vb0 = 25 =
’ S
Basic wind velocity Vb = Cdir Cseason’Vb.0 = 22 N
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Cl1.3 Mean wind velocity

|Vm(z) = |~cr(z)~c0(z)~vb1 eq. 4.3 in section 4.3

Terrain roughness factor, result from assumption of the terrain

z = 0.3m Table 4.1 in section 4.3
zn 7 := 0.05
0.11 m 0.07
i 2
Terrain factor k.= 0.19: =0.215
20.1

Mean wind velocity when wind from north

V4
Roughness factor for zone 1 ¢ 1qn= ke ln[ﬂj =1.113

20
=kl 2 =1.013
Roughness factor for zone 2~ ‘r2.n = kI 70 o
Orpograpgy factor co =1
= — 27.826—
Mean wind velocity zone 1 Ym.Ln = Crln€0Vp T 210507
Mean wind velocity zone 2 Vion = Cran o Vp = 25.321 L

N

Mean wind velocity when wind from east

“le
Roughness factor for zone 1~ ‘r.l.e™= kr'ln[ 7 j = L3

e
Roughness factor for zone 2~ ‘r2.e "~ kr'ln[ j = 1.039

20
Orpograpgy factor co =1
= - 27.826—
Mean wind velocity zone 1 Ym.le T r.1.e 0 Vo T 21070
Mean wind velocity zone 2 Vmo.e = Cr2.e€0 Vp = 25.968 =

S
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Cl4 Wind turbulence

Turbulence factor kj=1
Standard deviation of the oy = kpvykp = 5.385 o
turbulence §

Wind turbulence when wind from north

a.
A\ . .
Wind turbulence zone 1 Vin= N =0.194 €q. 4.7 in section 4.4
m.l.n
O-V
Wind turbulence zone 2 1V 2= =0.213
Vm.2.n
Wind turbulence when wind from east
O-V . .
Wind turbulence zone 1 Ni1e= v = 0.194 €q. 4.7 in section 4.4
m.l.e
O-V
Wind turbulence zone 2 lyoe= =0.207
Vm.2.e
Cl.5 Peak velocity pressure
- 12522
Air density pi= 3
m

Peak velocity is calculated as: z)=1-(1 + 7-1,(2) L v (z)2 €qg. 4.8 in section 4.5

Peak velocity pressure when wind from north

(1 + 71 )~O.5p~v 2 1.139x 10°-Pa

v.ln m.l.n

Peak velocity pressure zone 1 Ip.1.n"=

Peak velocity pressure zone 2 dp2n = (1 + 7.1V.2_n)~0.5 p~Vm.2.n2 =997.217-Pa
Peak velocity pressure when wind from east

) 2 3
dp1e=(1+ 71y ¢)05pv e =1.139x 107-Pa

Peak velocity pressure zone 1

Peak velocity pressure zone 2 dp2e = (1 + 7~1V.2.e)~0_5p~vm.2.ez = 1.033 x 10°-Pa
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Cl.6 Peak velocity pressure

Wind pressure is calculated as: |w:=

dp=°p eq. 5.1 in section 5.2

Wind from east Wind from north
¢ = min(lg, 2-hyog) = 37.285m ey = min(l, 2-ho) = 33.06m
de = ln =33.06m dn = le =37.285m
de<ee<5de:1 de<ee<5de:1

, heot , heot
ratiog '= — = 1.593 ratio, := —— = 1.412

de dy

Form factors for windward side Cpe lop=038
(same for east and north) o

Form factors for leeward side _ (raﬁoe - 1) ~
when wind from east Cpe.lO.E.e =-0.5+ (0.7 + O.5)~—5 ] =-0.53
(ration - 1)
Form factors for leeward side C =-0.5+(-0.7 + 0.5)—— = -0.521
) pe.10.E.n 5_1
when wind from north -
Plar
e o
wind %
=D E
/,f"
H +- ——————— Elevation—= = ——?
C1.6.1 Total wind pressure

Wind pressure on zone 1
Wind from east We.lD.e ™ qp.l.e'cpe.IO.D = 911.584 Pa

We.1.E.e = dp.1.e'Cpe.10.E.e = ~003.501 Pa
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Wind from north WelDn = qp.l.n'cpe.IO.D = 911.584 Pa

We.l. En = qp.l.n'cpe.lO.E.n = -593.219Pa

Wind pressure on zone 2

Wind from east We2De ™ qp.2.e'Cpe.10.D = 826.586 Pa

We2.Ee = dp2.cCpe.10.Ee= 547229Pa
Wind from north We2.D.n = 9p.2.n"Cpe.10.0 = 797773 Pa
We2.En= dp.2.n"Cpe.10.En = —519.156 Pa

Total wind pressure when wind from east
. 3
Total wind pressure on zone 1 Wie = WelDe  WelEe=1515x10"Pa

3
Total wind pressure on zone 2 “2.¢ = We2D.e ™ We2.Ee = 1.374x 10" Pa

Total wind pressure when wind from north

3
Total wind pressure on zone 1 V1n'= We.lDn~ We.l.En~ 1.505x 10" Pa

3
Total wind pressure on zone 2~ V20~ We2.Dn~ We2.En~ 1.317x 10" Pa

C1.6.2 Distributed wind load

Influencing height of each storey hy = 2.15m
hy :=2.15m + 1.8m = 3.95m
hy := 3.6m
hy :=2m+ 1.8m
hg := 2.375m + 1.8m

h6 = 2.375m
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F.0is not set to zero but the level am is zero so this force will not have any contribution to bracing
members or stabilising walls.

C1.6.2.1 Wind force

Fs— —_
F7
Fs =
Fs
Fs
Fi—— 1
Fs =

Fs— =

Zone 1

F3——s
Fs
Fs c
Fs
Fs
F2
F1 =

Zone 2

Wind from east Wind from north

kN kN
Fl.e = hl'WZ.e = 2954; Fl.n = hl'WZ.n = 2831;

kN
F2.e = h2'W2.e = 5427; F2.n = h2'W2.n = 5202;

kN

Fr .= hywy . =4.946-— Fr .. :=hywy .. =4.741-—

3e 3'W2.e m 3n 3'W2.n m
hs hs kN hs hs

Fgp.i=—: + —wy,=52-— Fp i=— Wy +— W
4.e 5 2e” 5 Vle m 4n" 5 M2n T 5 L m
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. kN . kN
FS.e = h3wle =5454.— an = h3W1n =5417-—

m m
F h 5.757 KN F h 5.718 kN
= W = J. — = W = D. —

6.e 4'W1.e m 6.n 4'V1n m
F h 6.325 kN F h 6.283 kN
= W = 0. — = W = 0. —

7.e 5%l m 7n 5"%1n m

) kN ] kN
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Appendix C2: Load combinations used in
the development of the concepts

This appendix was used to calculate the applied loads for different parts for the concepts. All
concepts differs from each other and this Appendix only shows how the calculations are performed
principally. Tributary areas changes between different concepts. This document was used in a
combination with Appendix A1- A2 and A4. The obtained loads where then used to obtain
dimensions for different members in the concepts, see Chapter 6 for the dimensions of the conepts.

C2.1 Snow loads

C2.1.1 Snow on the roof

kN
Characteristic snow values = 15—
m
Shape coefficient “o
Inclination less than 30 deg =038
Characteristi load on roof : KN
aracteristic snowload on roo Sroof = Sk = 1.2-—2
m
C2.1.2 Snow on the balcony
. . 1
Shape coefficient Hp = K+ Hy
Shape coefficient due to sliding of Mg =0 (since the inclination is less than 15 deg)
snow from roof.
Width of the roof b= 22.26m
Width of the balcony by = 10.8m
Height to the top of the roof from h:= 8.35m
the balcony
kN
: v =2—
Snow density snow N
m
il
ot < = - 11133
Shape coefficient due to wind Hw = rhn Ysnow’ 5 =i
Shape coefficient Wp = Hg + by = 1.98
Drift length lg = 10m
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Characteristic snow load on the balcony s := p-sy = 1,2.k—N

2
m
kN
$9 = Wy Sk = 2.969-—2
m
Influence length for the snow load on lsnow b beam = 6-563m
the balcony beam o
I. -1
Characteristic snow at load dividing line 8 1= (52 5 1)( § SHOW.b.beam) +5] = 1.808: kN
lS m2
S1 + 8
Mean value for the snow load on the s := 7% 1,504.k_N
balcony beam 2 m2
—
e S. 3
s:|
P_ -
]l:'rl
C2.2 Self-weight for the roof
W
Hollow core slab Erslab = *
m
Weight of the sed. 05N
eight of the sedum & sedum = 0.5—2
m
, . kN
Insulation, cellualar plastic 8 ing = 0.06—
2
. kN
Total self-weight roof = Er.slab ™ 8r.sedum * Er.ins = 4'56'_2
m
C2.3 Load combinations for beams
Factor for snow Vo .snow = 0.7 V1 snow = 0:5 V2 snow = 0.2
Influence length Lnfr = 7.675m
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C2.3.1 Roof beams

6.10a (used when calculating the
rest of the house, because snow

load is not considered as main load)

6.10b
ULS
FIRE

C2.3.2 Balcony beams

Imposed load for a balcony

Assumed hollow core slab
and insulation

Influence length
6.10a

6.10b

ULS

FIRE

Qar= (1'35'2‘31r00f+ 1'5'1|)O.snow'slroof)'linf.r

Qp = (1.35~0.89~gmof+ 1.5~sr00f)-1in£r

. kN
Qroof’: maX(Qa_p Qbr) =56918.—

m
. kN
Qroof fire = (glfOOf+ 1 snow sk)'linf.r - 40'754.;
kN
dbal = 5 $0.bal = 0.7 ] pal = 0.7
m
. kN
8bal = &r.slab * 8r.ins = 4'06'_2
m

llnfb = 7.675m

Qap = (1:358par + 1:5% bardbal + 1-5%0 snow Sb) linfr
Qp b = (1:35:0.89-g + 1.5apa1 + 150 snowSb) linfr

. kN
Qpal = max(Qy - Qp ) = 107.123-—

K
Qbal fire = (2bal + V1 bal'dbal * V2 snow Sb) linfr = 60.332-~—

C2.3.3 Beams for office floor

Cassette floors self-weight

Office load

Installations

kN
lab = 1 —,
m
kN
doffice = 2+ 5 Vo office = 0-7 V1 office = 0-5
m
kN
&ins = 0.3 ,
m
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kN

Partition walls dpart = 0-5 5 $o.part = 07 1 part:= 05 Wy pari= 0.3
m
Influence length Laffi= 7.675m
6.10a Qar= [1'35'(gslab + gins) + 1.5 office doffice + 1'5'1|)0.partqpart}linf.f
6.10b Qpr= [1'35'0'89'(gslab + gins) + 1.5-doffice * 1'5'1|)O.partqparﬂ'linf.f
- _ 447992
uLS Qf= maX(Qa.f’ Qb.f) A
FIRE i
Qf fire = (gslab + 8ins + V1 office doffice + 'L')Z.part'qpart)'linf.f = 20723'?

C2.4 Load combinations for columns

Office load is the main imposed load.

Tributary area (Changed for the Agip = 48.736m2
different Concepts)
_ 4562
Roof self-weight Eroof = *00
m
. kN
Slab self weight &lab = 1._2
m
s
Installations Sins = V>
m
Imposed load (both office and _os kN
installation floor) office = <>
m
_o05. KN
Partition walls dpart = -2
m
kN
Snow load Sroof = 1,2._2
m



C2.4.1 For columns on floor 11 and above

Floors above the column n:=3

6.10a

Qacll = 1'35'[2‘51r00f+ n11'(gslab + gins)} “Arip = 1.079-MN
+t 1'(1'5'1|)0.0fﬁce Qoffice * 1'5'1|)0.partqpart) + 1.5%0 snow Sroof

6.10b

QbCll = 135089[g1‘00f+ nll(gslab + gll’lS):| Atl‘lb = 1.182-MN
+nll'(l'sqofﬁce + 1'5'1|)0.partqpart) + 1.5%0 snow Sroof

ULS

Q11 = max(Q, ¢11-Qp 1) = 1.182-MN

FIRE

Qfire.c11 = | &roof * 11 1'(gslab + gins) “Atrip = 0.64-MN
+tn 1'(1|)1.0fﬁce Qoffice * 1'5'1|)2.partqpart) *+ V2 snow Sroof

C2.4.2 For columns on floor 6 to 10
Floors above the column ng =8

2
Area for columns above floor 10 Aqq = 0.174m

I kN
Density for glulam Pglulam = 0.43 _3
m
Height of columns h.o = 3.6m

—4
A columns self-weight geol = A1l Pglulam Peol = 2:694> 10 -MN
(If steel column is used, self weight

from Tibnor was used)

Cross section for the beams Apeam = 0.1463m2
Density for LVL Pry1 = 0.51 L

m3
Influence length from the beams linfbeam = 6-91m
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A beams self-weight 8beam = Abeam linfbeam Plvl = 0-516-kN

. k
Office beam 2 %eam= 155~ &linfheam = 10-503-kN
HEA500 o
6.10a
Qac6= 1.35~Egmof+ n6~(gslab + ginsﬂ Agrip -~ = 2.39-MN
+1g°(1-5%0 office doffice 1'5'1|)0.partqpart) + 1.5%0 snow Sroof

+ 1'35116'(55beam + &col

6.10b

Qp.c6= 1'35'0'89'[551r00f+ n6'(gslab + ginsﬂ Aib - = 2705 MN
+n6'(1'5qofﬁce + 1~5'1|)0,partqpart) + 1.5%0 snow Sroof
+1.35:0.89n"(2peam *+ Zol)

ULS

6
Qg 6 = max(Qy ¢4 Qp o6) = 2.708 x 10°N

FIRE

Qfire.c6 = | &roof * I16'(gslab + gins) Agip - = 1.402-MN
+n6'(¢1.0fﬁce Qoffice * 1'5'1|)2.partqpart) *+ 2 snow Sroof
+ n6'(gbeam + gcol)

C2.4.3 For columns on floor2to 5

Floors above the m = 12
column
"Area" for columns above floor 2 Ag = 0,2322m2
—4
A columns self-weight Beoli= A6 Pglulam Nicol = 3.594x 10° -MN
(If steel, self-weight from Tibnors tables)
6.10a
Quen = 1.35~Egmof+ ) (&lab * Zins)] Agip - = 3.406-MN
+ 1) (1.5 office doffice 1'5'1|)0.partqpart) + 1.5%0 snow Sroof

+ 1.35n2'(gbeam + gcol)
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6.10b

Qp.c2 = [ 135089 groof + M (Estab + Zins)] - Agib ~ = 3.899-MN
+112'(1'sqofﬁce + 1'5'1|)0.partqpart) + 1.5 snow Sroof
+1.35:0.8915-(2peam * &ool)

ULS

Qco= max(Qa.Cz,Qb.cz) = 3.899-MN

FIRE

Qfire.c2 = | &roof * rl2'(gslab + gins) Agrip - = 1.987-MN
+ n2'(1|)1.0fﬁce Qoffice * 1'5'1|)2.partqpart) + 2 snow Sroof
+ n2'(gbeam * &eol

C2.5 Load combinations for walls

C2.5.1 For walls on floor 11 and above

linff

Influence length | — =3.838m

infwall ==

Self-weight of a wall, taken from gw11 = 3.986kN + 2.879kN = 6.865-kN
Appendix A4: Wall calculations

6.10a

Gaw.11 = [1'35'[groof+ oy 1'(gslab + gins)ﬂ'linf.wall'ZAm + 1.35-gy 1 npp = 132.991°kN

Qawll = [nll'(l's'll)o.ofﬁce doffice * 1'5'1|)0.partqpart) + 1'5'1|)O.snowslroof}linf.wall'z'4m = 98.639-kh

Remember the wind!

6.10b

kN
Gpw il = [1.35~0.89~[gmof+ n11~(gslab + gins)]~1infwall-2.4m +1.35:0.89-n g1 = 118362 m-—

kN
Qpwil = [nll'(l'sqoﬂice + 1'5'1|)0.partqpart) + 1'5'1|)0.snowsmof}'linf.wall'z'4m = 129.723 e

H = 3283k—N
bwll -~ - m
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FIRE

. kN
Gfirewll = [glroof+ ny 1'(gslab + gins)}'linf.wall = 32'465';

kN
Qfire.wi1 = [nl 1'(1|)1.0fﬁce Qoffice * 1|)2.partqpart) + P2 snow s1roof]'linf.wall = 17'038';

C2.5.2 For walls on floor 6 to 10

6.10a

kN
Gaw.6 = [135[ 2ot * "6 (Eslab * Lins) ]| linfwall = 77:502:——

kN
Qa.w.6= [n6'(1'5'1|)0.0fﬁce Qoffice * 1'5'1|)O.partqpart) + 1'5'1|)0.snowslroof}linf.wall = 10154';

6.10b
. kN
GbW16 = [1.35'0.89'[groof + n6-(gslab + gins)ﬂ'linf.wall = 68977;

kN
Qb.w.6= [n6'(1'5q0fﬁce + 1'5'1|)0.partqpart) + 1'5'1|)O.snowsmof}'linf.wall = 136'078';

FIRE

kN

Gfire.w.6 = [groof + n6'(gslab + gins)}linf.wall =35 7'409';

kN
Qfire.w.6 = [n6'(1|)1.0fﬁce Qoffice * 1|)2.partqpart) + %2 snow s1roof}'linf.wall =43.901 T
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Appendix C3: Drawings of the reference building and the
concepts

C3.1 Reference building

10600 10700 10700
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5800
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5400
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C3.2 Concept 1 and 2
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C3.3 Concept 3
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C3.4 Concept 4 and 5
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C3.5 Concept 6, the first iteration
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C3.6 Concept 6, the second interation
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Appendix D1: Vertical deformation of the
concrete core

This appendix contains the calculations of the vertical deformation of the concrete core. The result is
presented in Section 7.3.

DI.1 Deformations due to creep

Mean value of elastic modulus E.p = 36GPa

(C45/55)

Characteristic value for the strenght e = 45MPa

Mean value for the strength fom = 53MPa

Relative humidity (indoor climate) RH := 50%

D1.11 Final creep coefficient for concrete

Final creep coefficent gp(t,to) = PRI B(fcm)-ﬁ(to)'

Cross-sectional area of the A, = 025m(9-3m + 3-2.8m + 4m + 6m + 4.4m) = 12.45 m?

concrete core

u=183m+4m+ 325m+ 4-3m+ 2-:2.8m ... =91.5m

Circumference of the concrete core 23m 4 2.2.9m 4 9-0.25m

Age of concrete when load is applied to =28
2-A,
Notional size hy = =0.272m
u
0.7 0.2
Factor that considers the relative PRy = |1+ I-RH [ 33 (22 = 1.451
humidity (fem > 35 MPa) 3 ho fem fom
0.1- [— \ MPa MPa
mm
) 16.8
Factor that considers the concrete Bfem = ————— =2.308
strength class ck
+ 8
MPa



Factor that considers the concrete age Bio =

when loaded

Final creep coefficent

D1.1.2 Effective modulus of elasticity
Effective modulus of elasticity based Eem
on the first creep function cef = T@ = 13.657-GPa
D1.1.3 Load acting on the concrete core
Density of concrete Pe = 241(—1\3I
m
4.75
3.6
4

3.6

3.6

3.6
Height of storeys from the 2nd Pfoor = | 3-6
to the 14th storey 3.6

3.6

3.6

3.6

3.6

3.6

Self-weight of the concrete core
Area of floor inside of the core
Thickness of floor inside the core
Self -weight of floor

Total self-weight

Loads from self-weight on each storey

=0.488

0.2
0.1 + to

¢ = PRI Bfom Bro = 1.636

Gci = pc'Ac'hﬂoori

2
Aﬂoor = 1lm-2.4m = 26.4m

foor

= 300mm

i=0.12

Gfloor = Afloor tloor Pe = 190.08-kN

Gtoti = Gci + Gfloor

P P

for ie 1..12

P

D1:2
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D1.1.4

Creep deformations

The creep deformations are calculated according to Hooke's law.

Applied compression stress

Creep strain

Creep deformations for each storey

Total creep deformation

Total creep deformations on each storey

k:=12..0
) =19 «~ 90
c.tk c.t12 12
for ke 11..0
) «~ 0 + 98
c.tk c.tk+1 k

D1.2

Equation for the final shrinkage strain

Starting value

Factor that considers the ambient
relative humidity

Notional size

Coefficient that depends on the size
of the section

Drying shrinkage strain

Autogenous shrinkage

Final shrinkage strain

Pcorei
% T A,
O'Ci
E. =
‘i Ec.ef

Q= €ci'hﬂoori

Setot = D0 8¢ tot = 2-582-mm
i

Deformation due to shrinkage

'
€cs = Eed Tt Eca

-3
ECdi =0.297-10
BRH =1.36
hy = 0.272m

(ho — 200mm)

ky, = 0.85 + (0.75 - 0.85) =0.778

300mm — 200mm

— 4
ECd = kh'BRH'ECdi =3.142x 10

-3
€ca = 0.0875:10

4

€es = €cd T €ca = 4.017 x 10

CS
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D1.2.1 Shrinkage deformations

Shrinkage deformation on each storey ALi = Ecs'hﬂoori

Total shrinkage deformations O tot = Z ALi 8 tor = 19.422-mm
i
Total shrinkage defomm ations on each storey
5s.tk = 6“12 “— AL12
for ke 11..0
8., < 0 + A
st 0t T AL
D1.3 Total vertical deformation
Total vertical deformation & ot = ) ctot T 55 tot = 22.004-mm
0

0 22.004
1 20.051
2 18.544
3 16.837
4 15.274

The total vertical deformation 5t tot = 53 ¢t 8 ot = > 13.684 -mm

per storey ' ' T 6| 12.067
7 10.424
8 8.754

(The value in the first row corresponds to 9 7.056

the deformations on the 14th floor -

and the value on the last row corresponds 10 5.333

to the deformations on the 2nd floor.) 11 3.582
12 1.804
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Appendix D2: Vertical deformations of
walls

This appendix contains the calculations of the vertical deformation of the timber walls used for both
Concept 3 and Concept 4. The results are presented in Section 7.3.

D2.1 Geometric data

JLom
Width of window Wiwindow = 1-6m
Heiaht of win 23m
eight of window [
hyindow = 2-3m -
0.8m
475 ]‘ I T $21m
K e Il e — |
4
. 3.6
Height of walls from the 2nd to the 14th
storey 3.6
i=0.12 3.6
hwall = 36 |m

3.6

3.6

3.6

3.6

3.6

3.6

Pwall, ~ Pwindow
Height of beam part of the wall by cam. =
i 2

Width of column part of the wall Weol = 0.8m
Influence lenght linf = 4.21m
Influence width Winfl = Weol T Wwindow = 2-4m
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Thickness of the walls

11th to 14th storey

6th to 10th storey

2nd to 5th storey

Thickness of material parallell to

the grain (CLT walls has panels in both
direction but only the ones that has the
fibres parallell to the grains contributes
to the load bearing capacity)

Area of material loaded parallell to
the grain(column part of the wall)
Thickness of insulation

Thickness of non load bearing
CLT part

typ= 158mm
te = 221mm

ty = 259mm

tparallell =

A

95
95
95
95
95
95
95
95
95
133
133
133
133

col, = tparallelli"’vcol

tins = 200mm

torT = 50mm
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D2.2

D2.2.1

Self-weight of roof

Self-weight of floor

Self-weight of installations

Density of CLT

Density of insulation

Self-weight of column part of the wall G, = pCLT'Wcol'hwall-'(ti + tCLT) + Pins Weol b
1 1

Self-weight of beam part of the wall

Office load

Load from partition walls

Snow load

Coefficients for variable loads

Deformations due to creep

Loads acting on the walls

. kN
Sroof = 456
m

loor = 1
m

KN

Zinst = 0.3 —2
m

N
PcLT = 47
m

kN

pins = 15_3
m

Groof = &roof

Linfl Winf] = 46.074-kN
Gfloor = Efloor linfl Winfl = 10-104-kN

Ginst = Zinst linfl Winfl = 3-031-kN

walli “ting

Gbeami = pCLT'(hwalli - hwindow)'(ti + tCLT) | Wwindow

+ pins'(
kN
Aoffice = 25—
m
KN
Ipart = 05—
m
kN
dgnow = 1.2 —2
m
Vo .snow = 0.7
bo.part = 0.7

D2:3

alli - hwindow) “ting

Qoffice = Yoffice linfl Winfl = 2526-kN

Qpart = dpart linfi Winfl = 5-052°kN

Qsnow = dsnow linfl Winfl = 12-125-kN



D2.2.1.1

D2.2.1.2

Loads from self-weight of walls

P «~ G
colo colo

for ie1..12

Pcol. < Pcol. + Gcol.
1 i—1 1

Imposed loads and permanent loads

Imposed load on each storey

Qimp =

Accumulated imposed load on each storey

lepl =

$0.snow Lsnow

office .part <part

office .part <part
Qoffice wO.part'Qpart
Qoffice * V0.part Ppart
Qoffice wO.part'Qpart
Qoffice wO.part'Qpart
Qoffice * V0.part Ppart
Qoffice ‘bO.part'Qpart
Qoffice ‘bO.part'Qpart
Qoffice * V0.part Ppart
Qoffice wO.part'Qpart

Qoffice * V0.part Lpart

Pimpo < Qimpo

for ie1..12

Pimpi < Pimpi_1

+ Qimpi

Permanent load on each storey

Groof + Gbeamo

Gﬂoor + Ginst + Gbeam1

Gﬂoor + Ginst + Gbeam2

Gﬂoor + Ginst + Gbeam3
Gﬂoor + Ginst + Gbeam4
Gﬂoor + Ginst + Gbeam5

_| G + G, + G
perm = floor inst beam6

Gﬂoor + Ginst + Gbeam7

Gﬂoor + Ginst + Gbeam8

Gﬂoor + Ginst + Gbeam9

Gﬂoor + Ginst + Gbealm1 0

Gﬂoor + Ginst + Gbealm11

Gﬂoor + Ginst + Gbealm1 5

Accumulated permanent load on each storey

Ppermi = Ppermo < Gpermo
for ie 1..12
Ppermi < Ppermi_1 + Gpermi
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D2.2.1.3 Load combination

Q= Pcoli + Pimpi + Ppermi
D2.2.2 Material data

Modulus of elasticity, parallel to grains E() mean := 11000MPa

Deformation modification factor kger=03
-Service class 1 (indoor environment)

E
Final mean value modulus for elasticity E = _0O.mean = 8.462 x 103~MPa
mean.fin 1 +k
def
D2.2.3 Calculation of vertical deformation due to creep
The creep deformations are calculated according to Hooke's law.
Qi
Applied compression stress g.= Acal
O--
Creep strain € = !
i Emean.fin
Creep deformations for each storey R = Ei'hwalli
Total creep deformation O tot = Z 5 O tot = 22-326-mm
i

Total creep deformations on each storey

k:=12..0
) =19 «~ 90
c.tk c.t12 12
for ke 11..0
) «~ 0 + 98
c.tk c.tk+1 k
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D2.3 Deformation due to shrinkage

Maximum shrinkage parallell to grain Of par = 0.3%
Annual change in RH Au:= 2%
Fiber saturation point up = 30%
Drying shrinkage strain Aapar = ﬁluf_par =2x10 4
Shrinkage deformation on each storey ALpafi = Aapaf'hwalli
Shrinkage deformation O tot = Z (ALparJ 8 o = 9-67-mm
i
Total shrinkage deform ations on each storey
d.+ =16 «— A
s.tk s.t12 I‘parlz
for ke 11..0
d.; <« + A
s.tk s.tk +1 Lpalrk
D2.4 Total vertical deformation
Total vertical deformation ot = O tot T g ot = 31.996-mm
The total vertical def ti 0
e total vertical deformation
per storey 0 31.996
1 30.579
2 29.238
(The value in the first row corresponds tc 3 27.446
the deformations on the 14th floor 4 25.567
and the value on the last row correspond 5 23.415
to the deformations on the 2nd floor.) & tot = Ot + 0.t = i -mm
' ' ' 6 20.99
7 18.291
8 15.32
9 12.075
10 9.353
11 6.434
12 3.316
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Appendix D3: Vertical deformations in
the columns for Concept 3

This Appendix presnts the calculations performed on vertical deformations for the columns in
Concept 3. The results from these calculations are presented in Section 7.3.

D3.1 Geometries data

Miaximum tributary ares

Second tributary area

| /
Vo | ol

o

Tributary area, maximum = 48.7m2
(reaches the 12th storey,

up to balcony)

Atrib.max *

2
Tributary area, for second column Agrib = 41.4m

(all the way up to 14th storey)

D3.2 Loads
D3.2.1 Snow load

Snow load on the roof kN

Asnow = 1.2 —2
m

Qsnow = dsnow Atrib = 49-68-kN

Snow load on the balcony dgnow bal == 15 L
m2
Qsnow.max = 9snow.bal Atrib.max = 73-05-kN
= 4562
Self-weight of roof groof = *- 5
m

Groof = &roof Atrib = 188.784-kN
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D3.2.2 Self-weights

Self-weight of roof for balcony

Influence length of beams
Concept 3

Density for LVL-beams

Weight of roof beam, Kerto-S
800x225, Concept 3

Weight of balcony beam, HEA650
Concept 3

Weight of office beam, Kerto-S
650x225, Concept 3

Weight of office beam 2, HEA500

Concept 3

Self-weight of the timber slab

Self-weight of installations

kN
8b.roof = 4:06 5
m

Gb.roof = &b.roof Atrib.max = 197-722-kN

linf.max = 6.35m linf =49125m
kg

Plvl = 510—3
m

gbb = 190— be = linf.max'gb.b'g = 11.832-kN

gOb = prl~O.65m~0.225m

GO.b = linf'go.b'g = 3.593.kN

kg

= 155—
£0.b.max m

Gy b.max = linfmax€o.b.max &= 9-652-kN

KN
slab = 1 S,
m

Gglab = slab Atrib = 41.4-kN

Gslab.max = &slab Atrib.max = 48-7°kN

KN

Ein = 03—
m

Gins = 8ing Atrib = 12:42°kN

G:

ins.max = 8ins Atrib.max = 14-61'kN
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D3.2.3 Imposed loads

Office load

Balcony load

Loads from patrtition walls

Coefficients for variable loads

Cross-sectional area of the columns

N
Goffice = 25—
m

Qoffice = doffice Atrib = 103.5-kN

Qoffice.max = 9office Atrib.max = 121.75-kN

kN
Ipal = 5
m

Qpal = dbal Atrib.max = 243-5-kN

kN
0.5—

m

Apart =

Qpart = dpart Atrib = 20.7kN

Qpart.max = dpart Atrib.max = 24-35-kN

Vo snow = 0.7
$o.bal = 0.7
bo.part = 0.7

Aqq = 033m:036m = 0.119m’
Ag = 0.43m-0.405m = 0.174 m2

A2 = 0.43m-0.54m = 0.232 m2
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Aql
A 4.75
4
Aql
A 3.6
6 3.6
Ag 3.6
Area and height of the columns Acol=| A6 hoop:=| 3.6 |m
A6 3.6
A6 3.6
3.6
A
2 3.6
Ay 3.6
A2 3.6
Ay 0
0 2.435
1 1.845
_ ke 2 2.05
Density of columns Pmean.gl = 440—3 3| 1.845
m 4| 2.705
. 5 2.705
Self-weight of columns G =A_ - ‘h - G..1=
9 col, col, Pmean.gl col, g col 6 5705
7 2.705
8 2.705
9 3.607
10| 3.607
D3.2.4 Accumulating loads and load combination 11| 3.607
12| 3.607
Loads from self-weight on columns
The load accumum ates
Pcoli = Pcolo < Gcolo Pcol.maxj = Pcol.max2 < Gcol2
for ie1..12 for je3.. 12
Pcoli < Pcol._1 + Gcoli Pcol.maxj < Pcol.maxj_1 + Gco

Imposed loads, office load as main load, snow and partion walls is combinated with their

respectively coefficient
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Load combination

%0.snow Qsnow OkN

Qoffice wO.part'Qpart OkN

Qoffice + V0.part Lpart $0.snow Lsnow.max + ¥0.bal Lal

Qoffice * wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice + 'Ll)O.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice + wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max
Qimp = | Qoffice * qu)O.part'Qpart Qimp.max = Qoffice.max * wo.part'Qpart.max

Qoffice + 'Ll)O.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice T wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice * wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice + wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice * wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max

Qoffice + wO.part'Qpart Qoffice.max * 'L')O.part'Qpart.max
Pimpi = Pimpo < Qimpo Pimp.maxj = Pimp.max2 < Qimp.max2

for ie 1..12 for je3..12

Pimpi < Pimpi_1 + Qimpi Pimp.maxj < Pimp.maxj 1 + Qimp.maxj
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Loads from roof, floor and beam

Groof * Gr.b
Gglab * Gins * Go.b
Gslab * Gins * Gob
Gslab * Gins * Go.b
Gglab * Cins * Go.b
Gglab * Gins * Go.b
perm = Gilab *+ Gins * Gob
Gglab * Gins * Go.b
Gslab * Gins * Go.b
Gslab * Gins * Go.b
Gslab * Cins * Go.b

Gslab + Gins + Go.b

Gglab + Gins + Go.b

«~ G

Ppermi = Ppermo perm,,

for 1e1..12

Pp erm, «~P

perm,_,

Sp

Ppelrm.maxj =

per

erm.max ‘-

OkN
OkN

Gp roof * Gbb

+ Gins.max + Go.b.max

+ Gins.max + Go.b.max

Gslab .max

Gslab .max

G, + G; + G

ins.max 0.b.max

+ Gins.max + Go.b.max

slab.max

Gslab .max

G, + G; + G

slab.max ins.max 0.b.max

G, + G; + G

ins.max 0.b.max

+ Gins.max + Go.b.max

slab.max

Gslab .max

G, + G; + G

ins.max 0.b.max

+ Gins.max + Go.b.max

slab.max

Gslab .max

G, + G; + G

slab.max Ins.max 0.b.max

«~ G

Pperm.max2 perm.max2

for je3.. 12

«—

Ppelrm.maxj Ppelrm.maxj 1

D3.2.5 Summation of combinated loads

Since the deformations are irreversible the characteristic load combinations is chosen.

Snow load or partition walls as main load will never be the worst case, hence office load is main

load.

Q= Pcoli + Pimpi + Ppermi

Qmaxi = Pcol.maxi
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0 0
0 230.319 0 0
1 407.568 1 0
2 585.022 2 433.189
3 762.27 3 646.792
4 940.379 4 861.254
5 1.118-103 5 1.076-103
Q= kN Quax = kN
6| 1.297103 el 1.29'103
7 1.475-103 7 1.505-103
8 1.653-103 8 1.719-103
9| 1.832:103 9| 1.934103
10 2.011-103 10 2.15°103
11 2.19-103 11| 2.365-103
12| 2.369-103 12| 2.581-103
D3.3 Material data
Timber columns of Lc40
Modulus of elasticity, parallel to grains E() mean. o= 13000MPa
Deformation modification factor Kgef ol = 0.6
-Service class 1 (indoor environment) '
EO.mean.gl

Final mean value modulus for elasticity E = 8.125 x 103-MPa

mean.fin.gl ==
8 T kgepg)

D3.4 Calculation of vertical deformation due to creep
Q. Qmaxi

1

Applied compression stress on
g =

each column . max. *
! Acoli ! Acoli



0 0
0 1.939 0 0
1 3.431 1 0
2 4.924 2 3.646
3 6.416 3 5.444
4 5.4 4 4.945
o5 6423] \pp. o -[5] 6177 \p,
6 7.445 6 7.408
7 8.468 7 8.64
8 9.491 8 9.871
9 7.889 9 8.331
10 8.66 10 9.259
11 9.431 11 10.186
12 10.202 12 11.114
Strain on each storey % Tmax;
g€ = ——— Emax, = =
i Enmean.fingl i Epmean.fingl
Deformations on each storey Ry= ‘€i'hcoli E’maxi = €maxi'hcoli
0 0
0 1.133 0 0
1 1.52 1 0
2 2.424 2 1.795
3 2.843 3 2.412
4 2.393 4 2.191
so| 5] 28] 5 _[5] 2737
6 3.299 6 3.283
7 3.752 7 3.828
8 4.205 8 4.374
9 3.495 9 3.691
10| 3.837 10( 4.102
11 4.179 11 4.513
12 4.52 12 4.924
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D3.4.1 Creep deformations ko= 12..

Total vertical deformations S tot = Z 5. 3¢ tot. max = Z 8 max.
due to creep " " 1
dc tot = 40.446-mm d¢c tot.max = 37-851-mm
Creep deformations for each storey
Sc.tk = Sc.tlz <98, Sc.t.maxk = Sc.t.maxlz < Smaxlz
for ke 11..0 for ke 11..2
Sc.tk < Sc.tkﬂ + Sk Sc.t.maxk < Sc.t.maxkﬂ + 6maxk

D3.5 Deformations of beams due to compression
perpendicular to the grains

D3.5.1 Check of compression perpendicular to the grain
The following expression shall be satisfied

[ |
Fc90.d
Aef

0:.90.d < k.90 %c.90.d where 0:.90.d=

Compression capacity perpendicular f. 90 4 = 6MPa
to the grain o

Modification factor kego =15

Width of columns wyq = 0360m
wg = 0.430m
Wy = 0.540m

Thickness of beams = 0.225m

theam
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Wwiq + 2-30mm
Wwiq + 2-30mm
w11 + 2-:30mm
wiq + 2-30mm
Wg + 2-30mm

wg + 2-30mm

Area of compressive zone Aepi=| W + 2:30mm 1t o
Wg + 2-30mm
Wg + 2-30mm
Wy + 2-30mm
wy + 2-30mm
Wy + 2-30mm
wy + 2-30mm
0
0 0.271
1 0.479
2 0.688
3 0.896
4 0.948
o ] W= Qi U= 5 1.127
Utilisation ratio i kc.90'fc.90.d' Aefi 6 1.307
7 1.486
8 1.666
9 1.508
10| 1.655
11 1.802
12 1.95

The utilisation ratio is above 1 for all columns below the 10th storey. Hence compression strength of
the beams perpendicular to the grains is insufficient and therefore not allowed!
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D3.6 Deformation due to shrinkage

Maximum shrinkage parallell to grain of:= 0.3%

Annual change in RH Au:= 2%

Fiber saturation point

up = 30%

A _
Ao = —u~0¢f:2>< 10 4

ur
ALi = Ao"hcoli
Shrinkage deformations
Sstot = Y AL 8 (of = 9.67-mm
i
3 tot.max = Z ALj ds tot. max = 5-mm

J

Shrinkage deformations for each storey

o, =16 «— AL
S.tk s.t12 12

for ke 11..0

0 «— + A
st < %t L

D3.7 Total vertical deformation

Deformation at the 14th storey

Deformation at the 12th storey

kj=11..2
Ss.t.maxk = Ss't'maxlz <~ AL12
for kje 11..2
6s.t.maxkj < Ss.t.maxkjﬂ + Aij
Btot = ¢ tot T Og.tot = 50.116-mm
Btot.max = c.tot.max * Os.tot.max = 45-851-mm
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Bt tot = Oc g+ gt =

50.116

48.033

45.793

42.568

39.005

35.893

32.327

28.308

23.836

VI |IN|ojfLn|h~h|W|IN|H]|O

18.911

—
o

14.696

[y
[y

10.139

—
N

5.24

3 tot.max -

D3:12

=9

c.t.max

+ 6

s.tmax ~

45.851

45.851

45.851

43.256

40.123

37.212

33.755

29.753

25.205

VI |IN|ojLn|h~h|W|IN|H]|O

20.111

—
o

15.7

[y
[y

10.877

—
N

5.644




Appendix D4: Vertical deformations in
the columns for Concept 4

This Appendix presnts the calculations performed on vertical deformations for the columns in
Concept 4. The results from these calculations are presented in Section 7.3.

D4.1 Geometries data

Largest tributary area

N
N
<< | <> <>
<> \ Maximum
N\ beam span
<> <> /
Maximum floor span /
(@ ®) ©

Tributary area
(for part that reaches the 12th storey,
up to balcony)

Tributary area,
(for columns all the way up
to 14th storey)

D4.2 Loads
D4.2.1 Snow load

Snow load on the roof

2
Atl'lbmln = 45.7m

2
Atl'ib = 50.Im
] kN
Asnow = 1.2 —2
m

Qsnow = dsnow Atrib = 60-12-kN

] kN
dsnow.bal = 15 -,

m

Qsnow.max = 9snow.bal Atrib.min = 08-55 kN
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D4.2.2 Self-weights

Self-weight of roof

Self-weight of roof for balcony

Influence length of beams
Concept 4

Weight of roof beam, HEA500
Concept 4

Weight of office beam, HEA450
Concept 4

Weight of balcony beam, HEA650
Concept 4

Self-weight of the timber slab

Self-weight of installations

D4.2.3 Imposed loads
Office load

kN
gI‘OOf = 456_2 GI‘OOf:: gI‘OOfAtI‘ib = 228.456-kN
m
‘ kN
8b.roof = 4'06_2
m

Gb.roof = &b.roof Atrib.min = 185-542-kN

linf.4 = 5.95m
. kg .

grp4i= 155~ Grp = linfa & pag=9.044kN
. kg .

gob.4 = 140~ Go.b = linf4'80.p.4'8 = 8.169-kN

kg

N

&lab = 1 —

m

Gglab = slab Atrib = 50-1'-kN

Gslab.min = slab Atrib.min = 45-7'kN

kN
8ing = 03—
m
Gins = gins'Atrib = 15.03-kN

G:

ins.min ‘= 8ins Atrib.min = 13-71kN

kN
Goffice = 25—
m

Qoffice = Yoffice Atrib = 125.25-kN
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Qoffice.min = office Arib.min = 114.25-kN

kN
BalCOﬂy load dpal = 5 _2 Qbal = qbalAtrlbmln = 228.5-kN
m
"y kN
Loads from partition walls dpart:= 05—
2
m

Qpart = dpart Atrib = 25-05-kN

Qpart.min = Ypart Atrib.min = 22.85-kN
Coefficients for variable loads V0 snow = 0.7

bo.part = 0.7

Vo.bal = 0-7
Area of columns Aqq:=0.330m-0.360m = 0.1 19m°

A6 = 0.430m-0.405m = 0.174 m2

Ay = 0.430m-0.540m = 0.232 m2

Al
Al 475
Aqq 3.6
Al 4
A 3.6
3.6
A6 3.6
Acol=| A6 heop = 3.6 |m
Ag 3.6
Ag 3.6
3.6
A2 3.6
Y) 3.6
A, 3.6
Ay



Density of columns Pmean.gl = 440 0
’ 3
m 0| 2435
1:=0.12 j=2.12 1 1.845
2 2.05
3| 1.845
4| 2.705
: 5| 2705
Self-weight of columns G, = ALy ‘h. - G, = kN
9 col, col, Pmean.gl col, g col 6 5705
7| 2.705
8| 2.705
9| 3.607
10| 3.607
11| 3.607
D4.2.4 Accumulating loads and load combination 12| 3.607
Loads from self-weight on columns
The load accumumates
Pcoli = Pcolo < Gcolo Pcol.minj = Pcol.min2 < Gcol2
for iel..12 for je3.. 12
Pcoli < Pcoli_1 + Gcoli Pcol.minj < Pcol.minj_1 + Geol,
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Imposed loads, office load as main load, snow and partion walls is combinated with their
respectively coefficient

Imposed loads
Load combination

OkN
OkN

wO.snow' anow

Qoffice wO.part'Qpart
$0.snow Lsnow.max * V0.bal' Abal
Qoffice + wO.part'Qpart
Qoffice.min * 'L')O.part'Qpart.min
Qoffice wO.part'Qpart
Qoffice.min * wO.part'Qpart.min
Qoffice * V0.part Lpart
Qoffice.min * wO.part'Qpart.min
Qoffice * wO.part'Qpart

Qimp = | Qoffice * wO.part'Qpart Qimp.min =

Qoffice T V0.part Qpart
p p

Qoffice.min * 'L')O.part'Qpart.min
Qoffice.min * lpO.part'Qpart.min

Qoffice.min * lpO.part'Qpart.min
Qoffice wO.part'Qpart
Qoffice.min * 'L')O.part'Qpart.min
Qoffice wO.part'Qpart
Qoffice.min * lpO.part'Qpart.min
Qoffice * V0.part Ppart
Qoffice.min * 'L')O.part'Qpart.min
Qoffice q")O.part'Qpart

Qofﬁce.min + 'L')O. art'Q art.min
p p

Qoffice T V0.part Qpart
p p

Pimpi = Pimpo < Qimpo Pimp.minj = Pimp.min2 < Qimp.min2
for ie 1..12 for je3..12
Pimpi < Pimpi_1 + Qimpi Pimp.minj < Pimp.minj 1 + Qimp.mit
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Loads from roof, floor and beam

Groof * Gr.b OkN

Gglab *+ Gins * Gob OkN

Gglab + Gins + Gop Gp.roof * Gb.b

Gglab * Gins T Gob Gslab.min * Gins.min * So.b

Gglab *+ Gins + Gob Gslab.min * Gins.min * Yo.b

Gglab * Gins T Gob Gslab.min * Gins.min * Yo.b
Gperm = | Gglab * Gins + Gob Gperm.min = Gglab.min * Gins.min * Co.b

Gglab * Gins + Gob Gslab.min * Gins.min * Co.b

Gglab * Gins T Gob Gslab.min * Gins.min * Co.b

Gglab * Gins T Gob Gslab.min * Gins.min * So.b

Gglab * Gins * Gob Gslab.min * Gins.min * Yo.b

Gglab * Gins T Gob Gslab.min * Gins.min * So.b

Gglab *+ Gins + Gob Gslab.min * Gins.min * Yo.b
Ppermi = Ppermo < Gpermo Pperm.minj = Pperm.min2 < Gperm.min2

for ie1..12 for je3..12
Ppermi < Ppermi_1 + Gpernr Pperm.minj < Pperm.minj_1 + Gperm.minj

D4.2.5 Summation of combinated loads
Since the deformations are irreversible the characteristic load combinations is chosen.

Snow load or partition walls as main load will never be the worst case, hence office load is main
load.

Q= Pcoli + Pimpi + Ppermi Qmini = Pcol.mini + Pimp.mini + Pperm.mini
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0 0
0 282.019 0 0
1 499.948 1 0
2 718.083 2 406.614
3 936.012 3 606.283
4 1.155°103 4 806.812
Q-= 5 1.374103 KN Quuin = 5 1.007-103 KN
6 1.592-103 6 1.208-103
7 1.811-103 7 1.408-103
8 2.03-103 8 1.609-103
9 2.25°103 9 1.81-103
10| 2.469°103 10 2.012°103
11| 2.689°103 11| 2.213103
12| 2.909:103 12| 2.415103

D4.3 Material data

Timber columns of Lc40
Modulus of elasticity, parallel to grains E() mean o= 13000MPa

Deformation modification factor k defigl = 0.2
-Service class 1 (indoor environment) '

E0 mean. gl
I+ Kgefgl

Final mean value modulus for elasticity E =1.083 x 104-MPa

mean.fin.gl =

D4.4 Calculation of vertical deformation for concept 4
Q.

1
min. -
Acoli ! Acoli

Q mini

Applied compression stress on o =
each column 1



Strain on each storey

Deformations on each storey

2.374
4.208
6.044
7.879
6.631
7.887
9.144
10.4
11.656
9.688
10.635
11.581
12.527

-MPa

VI |IN|ojLn|h~h|W|IN|H]|O

—
o

[y
[y

—
N

o
i

€ =
i Enmean.fingl

=& 'hCOI-

6' .
M 1 1

1.041
1.398
2.232
2.618
2.204
2.621
3.039
3.456
3.874

3.22
3.534
3.848
4.163

VI (N|lofLnn|h~hj|W|IN|H]|O

—
o

[y
[y

—
N
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min.
1

0

0

3.423

5.103

4.633

5.784

6.936

8.087

9.239

VI |IN|ojfLn|h~h|W|IN|H]|O

7.797

—
o

8.664

[y
[y

9.532

—
N

10.399

E

0-mini

mean.fin.gl

h,

min. “col.
1 1

1.264

1.696

1.54

1.922

min —

2.305

2.687

3.07

VI (N|ofLn|h~h|W|IN|H]|O

2.591

—
o

2.879

[y
[y

3.167

—
N

3.456

-MPa



D4.4.1 Creep deformations

d¢ tot = Z 6i
i

) 37.247-mm

c.tot =

Creep deformations for each storey

k:=12..0
) =19 «~ 90
c.tk c.t12 12
for ke 11..0
) «~ 0 + 98
c.tk c.tk+1 k

d¢ tot.min == Z Smini

1

Sc.tot.min = 26.577-mm
) : = 19 . <« O.:
c.t.mlnk c.t.mln12 mln12
for ke 11..2
JRPPHEP S +8
c.t.mlnk (:.t.mlnk +1 mlnk

D4.5 Deformation due to shrinkage

Maximum shrinkage parallell to grain

Annual change in RH

Fiber saturation point

Shrinkage deformations
8 tot = Z AL
i

3 tot.min = Z ALj
j

OLf = 0.3%
Au:= 2%
up = 30%

A _
Ao = —u~0¢f:2>< 10 4

uf

ALI = Ao hCOli

) 9.67-mm

s.tot =

) = & mm

s.tot.min
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Shrinkage deformations for each storey

kj=11..2

Ss.tk = Ss.tlz < AL, Ss.t.mink = 5s.t.min12 <AL,
for ke 11..0 for kje 11..2
Ss.tk < Ss.tk " + AL Ss.t.minkj < Ss.t.minkj + + Aij
D4.6 Total vertical deformation
Deformation at the 14th storey Btot = O tot T s tot = 46.917-mm
Deformation at the 12th storey ettt = Ol dotmitin = Ok o rin = S ¥ AT
0 0
0 46.917 0 34.577
1 44,926 1 34.577
2 42.807 2 34.577
3 39.775 3 32.513
4 36.437 4 30.097
5 33.514 5 27.838
O i =0g ¢+ 0, = -mm ) =98 L+ d o=
t.tot s.t c.t 6 30.173 t.tot.min c.t.min s.t.min 6 25.195
7 26.414 7 22.171
8 22.238 8 18.763
9 17.645 9 14.973
10( 13.705 10| 11.662
11 9.451 11 8.063
12 4.883 12 4,176
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Appendix D5: Total weight of Concept 3,
Concept 4 and the reference building

In this Appendix the calculations of the total weight of Concept 3, Concept 4 and the reference
building is presented. The results are presented in Section 7.1.

D5.1 Geometrical data

When calculating the weight of the building a sim plified model of the roof is used.

Height of building including basement hy il ding = 51.02m

2
Total area of one storey Afoor = 865m
A = 181 2
Area of part 1 floor] = 1otm Azooct As
Ao = 684m” -
Area of part 2 floor2 = VoM

=12

Number of storeys for part 1 Dfloor.1

Number of storeys for part 2 Noor2 = 14

Cross-sectional area of the

concrete core Acore = 0.25m:(9-3m + 3-2.8m + 4m + 6m + 4.4m) = 1245
.. 2
Area of the floor inside the core Acore.floor == 26-4m
(concrete)
Height of steel columns heop = 3.6m
-— 30k_g
Weight of installations Pins = 5

m
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D5.2 Weight of the reference building

: kg
Weight of concrete, C45/55 Pe = 2500
m

D5.2.1 Weight of columns in the reference building

The following columns are used in the reference building. SP stands for steel column and BP stands

for concrete column

5P K-VKR 150x150
SP2 K-VKR 200x200
5P3 K-VKR 250x250
SPL K-VKR 300x300
SPS K-VER L00x&00
S5F6 K-CKR 193.7
SP7 K-CKR 3556
SPB K-CKR 470
Number of columns

Weight of steel columns, VKR
and KCKR. Since thicknesses
are unknown, mean values are
taken.

Total weight of steel columns

Weight of concrete columns

Total weight of the columns

BP1

K-150%500 BTG

BP?

K-300x500 BTG

BP3

K-500x500 BTG

BPL

K-600x600 BTG

BPS

K-300x500 PREFAB

BP&

K-600x600 PREFAB

nsp2 =10

O5p7 = 6

kg
= 65—
Psp2

|
—_
[\
(=

Psp4 =

pSp5 = 150—

|
—_
S
(e

Psp7 =

|
N
[\
(e

Psp8 =

nsp4 =25 nspS =42
nsp8 =06 nbp =0

3
myy) = psp2'hcol'nsp2 =234x 10" kg
= peah -1 i
Mgp4 = Pgpa o) Ngpg = 1.08 x 10 kg

4
mgys = pspS'hcol'nspS = 2268 x 10 kg

3
myy7 = psp7'hcol'nsp7 =3.024 x 10" kg

3
mgng = pspS'hcol'nspS =4.752 x 10" kg

Mgy tot = Mgp2 T Mgpg + Mgps + Mgy7 + Mgyg = 43.596-ton

mbp.6 = 0.6m-0.6m-h,

colPe = 3:24% 10 kg

mbp.tot = mbp.6'nbp = 19.44-ton

Mpef ol = Mgp tot + Mpp ot = 63-036-ton
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D5.2.2 Weight of floors in the reference building

Thickness of the concerete floor teore floor -= 200mm
Thickness of the topping ttopping = 30mm
Thickness of the foundation tfound = 600mm
Weight of concrete floor Pe.floor = 400k—g2 + tiopping Pc = 475 k—g2
m m
Weight of floors in part 1 My = (pC-ﬂOOY * pinS)'Aﬂoorl'nﬂoor-l = 1097 10"ton
Weight of floors in part 2 mg2 = (Pe.floor * Pins)Aloor2 Mioor.2 = 4836 x 10™ton
gszgg; o I;or;mdation slab Mpound = tound Pe Afloor = 1:298  107-ton
Total weight of floors Myoffloor = Mf1 + My + Meyyng = 7.23 x 103~ton

D5.2.3 Weight of beams in the reference building

According to the drawings there are small differences in the dimensions of the beams and since the
thickness of the material is unknown the same beam is used for the whole building in order to
simplify the calculations.

Avarage weight of HSQ-beam PHSQ = 120g
m
Total lenght of beams in part 1 lheam] = 16.8m
Total lenght of beams in part 2 lheam? = 27.625m
Total Welght of beams mref.beam = lbeaml'nﬂoor.l'pHSQ ... =70.602-ton

*+lpeam2 Mloor.2” PHSQ

D5.2.4 Weight of walls in the reference building

Height of windows hyindow = 1.7m

Thickness of concrete, 2-14 th storey ty.1 = 230mm

Thickness of concrete, 1st storey ty.2 = 280mm

Thickness of concrete, basement ty.3 = 330mm
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D5.2.4.1 Weight of walls on 2-11 th storey

Total length of walls on 2-11th storey 1.y ;o == 37.225m + 33m + 17.6m + 10.8m ... = 140.85m
and the basement +20.025m + 22.2m

Height of walls on 2-11 storey hyal2 = 3.6m

Length of wall without windows lyall.2 = 57-6m

1 1 lyall 2 = 83.25m

Length of wall with windows window.2 = ‘wall.tot ~

Weight of walls on the 2-11 storey
(9 storeys)

3
Myail.2 = Petw. 19 Iwall.2 Pwall.2 + lwindow.2 (Bwall.2 ~ Bwindow) | = 1-892 x 107ton

D5.2.4.2 Weight of walls on 12-14 th storey

Total length of walls on 12th storey lyall.tot = 140-85m

Height of walls on 12th storey Byall.12 = 4m
Length of wall without windows, 12 'wall2 = 37:6m
Length of wall with windows, 12 lwindow.2 = 83.25m
Total length of walls on 13-14th storey lwall.top = 118.85m
Height of walls on 13th storey hyai13 = 3.6m
Height of walls on 14th storey hyarl.14 = 4.75m

Length of wall without windows on lyall.13 = 48.6m

13th floor
Length of wall with windows on lwindow.13 = lwall.top ~ wall.13 = 70-25m
13th floor
Length of wall without windows on lwall.14 = lwall.top = 118-85m
14th floor
Weight of walls on the 12-14 storey
Myall 13 = Petw. 1] lwall.2 Bwall. 12 * lwindow.2"(Bwall. 12 = Bwindow) -
+Lyall 13 Dwail. 13 + Lwindow. 13 (Dwall. 13 ~ Pwindow) * Lwall. 14 hwail. 14

mwa1113 = 744.537-ton
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D5.2.4.3 Weight of walls on 1st storey

1 1 48.425m = 92.425m

Total length of walls on 1 storey wall.bottom = ‘wall.tot ~

Height of walls on 1st storey hy a1 = 4.3m

Length of wall without windows on lwal 1 = 37m

1st floor

Length of wall with windows on lwindow.1 = lwall.bottom ~ lwall.1 = 33-425m

1st floor

Weight of walls on the 1st storey

Myail, 1 = Petw. 2 Lwall.1 Pwall. 1 * Lwindow.1(Bwall.1 ~ Bwindow)] = 212243 ton

D5.2.4.4 Weight of walls in the basement

Total length of walls on basement lwall.tot = 140.85m
Height of walls on basement har10 = 3-15m
Length of wall without windows on lwall.o = lwall.tot = 140.85m

basement

Weight of walls, basement

Myail,0 = Petw.3 (lwall.0 Pwall.0) = 366.034-ton

D5.2.4.5 Total weight of walls in the reference building

Total weight of the concrete walls

3
Mypof wall = Myall 2 + Myall. 13 T Myall.] + Myallo = 3-214 x 10"-ton

D5.2.5 Weight of roof of the reference buildling

kg
Weight of roof (over part 2) Proof = 436

m

. kg
Pb.roof = 406_2
m

Weight of balcony roof (over part 1)

Mpoof = Proof AMloor2 + Pb.roof Aloor] = 383.39-ton

D5:5



D5.2.6 Weight of the core in the reference building

3
Weight of the core Meore. wall = Acore’ pc'hbuilding = 1.588 x 10" ton

Weight of the floor in the core A

core.floor teore. floor 14 P¢ = 184.8-ton

Meore.floor =

Total weight of the core |+ m = 1.773 x 103~ton

Meore = Meore.wal core.floor

D5.2.7 Total weight of the reference building

4
Myeftot = Myef.col + Mref floor + Mrefbeam T Mref.wall T Mroof + Meore = 1:274 % 10 -ton

Zreftot = Mrefor'@ = 124.903-MN

D5.2.8 Average weight of one storey in the reference building
Myef tot
Myef storey == s = 849.102-ton Srefstorey = Mrefstorey 8 = 8.327-MN

D5.3 Weight of Concept 3 and Concept 4

Number of floors between 2nd n, = 4
and 5th floor

Number of floors between 6nd ng =5
and 10th floor

Number of floors between 11nd ny =4

and 14th floor

D5.3.1 Weight of columns for Concept 3 and Concept 4

The amount and cross-section of the columns are the same for both concepts.

Area of timber columns

2 2
2nd - 5th storey At col2 = 0.43:0.54m” = 0.232m
2 2
6th-10th storey At ol = 0:43-0.405m” = 0.174m
2 2
11th-14th storey At col11 = 0.33:0.36m™ = 0.119m
- 44022
Weight of glulam, Lc40 Pgl = 3

m
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Number of timber columns per floor

Weight of timber columns

2-5th storey
6-10th storey

11-14th storey

Total weight of timber columns

Weight of steel columns
(the same as in the reference
building on entrance storey)

Weight of concrete columns

(the same as in the reference building)

Total weight of the columns

g ool = 10

Me 012 = Pel At.col.2 Peol De.col N2 = 14.712-ton
Mt 01,6 = Pl At.col.6 Mol .ol Mg = 13.793-ton

Mg col.11 = Pgl'At.col.11 Peol Be.col My 1 = 7-527-ton

M col = Mg col.2 + M.col.6 + Mi.col.11 = 36.032:ton

msp7 = 3.024-ton

mspS = 4.752-ton

msp.tot3 = msp7 + mspS = 7.776-ton

mbp.tot = 19.44-ton

M3 col = Msp tot3 T Mpp.tot + Mt.col = 63.248-ton

D5.3.2 Weight of floors for Concept 3 and Concept 4

The same floor is used for both concepts.

Weight of timber cassette floor

Weight of floors in part 1

Weight of floors in part 2

Weight of foundation slab
(same as for reference buildilng)

Total weight of floors

. kg
Pt.floor = 100 5

m

me £y = (pt.ﬂoor + pins)'Aﬂoorl'nﬂoor.l = 282.36-ton

3
my £3 = (pt.ﬂoor + pins)'AﬂoorZ'nﬂoor.Z = 1.245x 10"-ton

Mgyind = 1.298 x 103~t0n

3
My floor = Mg £ + Me £ + Meyng = 2.825 x 107-ton
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D5.3.3 Weight of walls for Concept 3 and Concept 4

The same CLT walls are used for both concepts.

kg
Weight of CLT PCLT = 400—3

m
Height of windows hyindow = 1.7m

For the thickness an additional thickness of 50 mm has been added since the load bearing part of
the wall has an outer layer of non load bearing CLT. The weight of the insulation between is
neglected.

Thickness of timber walls

2nd-5th storey tiw.2 = 309mm
6th-10th storey ttw.6 = 271mm
11th-14th storey tw.11 = 208mm

Thickness of concrete, 1st storey ty.2 = 280-mm

Thickness of concrete, basement ty.3 =330mm

D5.3.3.1 Weight of walls on the 2-5 th storey

Total length of walls on 2-5th storey Lyall tot = 140.85m
and the basement )
Height of walls on 2-5 storey hyar12 = 3.6m

Length of wall without windows lyall2 = 57.6m

1 ,=28325m

Length of wall with windows window.

Weight of walls, 2-5th storey

M yall 2 = PCLT w212 Lwall.2 Pwall.2 + lwindow.2 (Bwall2 ~ Bwindow)] = 180.721-ton

D5.3.3.2 Weight of walls on the 6-10 th storey

Total length of walls on 6-10th storey lyall tot = 140.85m
and the basement :

Height of walls on 6-10 storey hyall 2 =3.6m
Length of wall without windows lyall2 = 57.6m
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Length of wall with windows lyindow.2 = 83.25m

Weight of walls, 6-10th storey

M wall 6 = PCLT tiw.6'16  Iwall2 Bwall 2 + Iwindow.2"(Bwall.2 = Bwindow)] = 198-12-ton

D5.3.3.3 Weight of walls on the 11-14 th storey

Total length of walls on 11-12th storey lyall.tot = 140.85m
and the basement :

Height of walls on 11th hy a2 = 3.6m
and 13 th storey

Height of walls on 12th storey hyait.12 = 4m
Height of walls on 14th storey hyall.14 = 475m

Length of wall without windows lyall2 = 57.6m

Length of wall with windows lyindow.2 = 83.25m

Total length of walls on 11-12th storey 1 ¢ = 140.85m

wall.to

Length of wall without windows, 11-12 lwall.2 = 37.6m

1 ,=28325m

Length of wall with windows, 11-12 window.

1 =118.85m

Total length of walls on 13-14th storey wall.top

Length of wall without windows on lyall.13 = 48.6m

13th floor

Length of wall with windows on lwindow.13 = 70.25m
13th floor

Length of wall without windows on lwall.14 = 118.85m

14th floor
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Weight of walls, 11-14 storey

Meyall. 1= PCLT tw. 11| Iwall.2 Pwall.2 + Iwindow.2'(Bwall.2 ~ Bwindow)] = 30-413-ton
Meyall. 12 = PCLT tw. 11| Iwall.2 Pwall. 12 *+ Lwindow.2"(Pwall. 12 ~ Bwindow)] = 35-1+ton
Meyall. 13 = PCLT tw. 11 Iwall. 13" Bwall2 * Lwindow. 13 (hwall2 ~ Bwindow)] = 25-662-ton

Moyl 14 = PCLT ttw. 11 (Iwall. 14 Pwall,14) = 46.97 ton

D5.3.3.4 Total weight of timber walls

My wall.tot = Me.wall.2 T Me.wall.6 + Mewall.11 + Miwall.12 + Miwall. 13 T Mwall. 14 = 516.984-ton

D5.3.3.5 Weight of 1st storey and the basement

Entrance floor (same as reference My, ] = 212.243-ton
buidling)
Basement floor (same as reference my,a11.0 = 366.034-ton
buidling)

D5.3.3.6 Total weight of walls for Concept 3 and Concept 4

Total weight of walls for concept 3 and 4

3
M wall = M wall.tot ¥ Mwall.] + Myall,o = 1095 x 107 ton

D5.3.4 Weight of the roof

Weight of roof structure my,of = 385.39-ton

(same as for reference building)

D5.3.5 Weight of the core

3
Total weight of the core Mgore = 1.773 x 107 -ton

(same as for reference buliding)
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D5.3.6 Weight of beams in Concept 3

Total length of steel beams per floor s beam = 16.8m
Total length of timber beams per floor It beam = 95:25m
Weight of LVL, Kerto-S Pv1= 2

m

2 2
Cross-section area of timber Arbeam = 0.8:0225m" = 0.18m

roof beam
2 2
Cross-section area of timber Ao beam = 0-65-0.225m” = 0.146 m
office beam
. kg
Weight of steel columns PHEA650 = 190—
m
. kg
PHEA500 = 135

Total weight of beams

Mpheam.3 = prl'lt.beam'[(nﬂoor.Z - 1)'Ao.beam + Ap beam | -+ = 90-48-ton
+ls.beam'[pHEASOO'(nﬂoor.l - 1) + PHEA650

D5.3.7 Weight of beams in concept 4

Total lenght of steel beams in part 1 ls beam1 = 16.8m
Total lenght of steel beams in part 2 Ig beam2 = 55.25m
Weight of steel columns
kg
Balcony beam PHEAG650 = 190~
=155 E
Roof beam PHEA500 = o
- 14028
Office beam PHEA450 = m
Total weight of beams
Mpeam.4 = ls.beaml'[pHEA450'(nﬂoor.1 — 1)+ PHEA650] - = 138.183-ton

+ls.beamz'[pHEA450'(nﬂoor.z - 1) + pHEASOO]
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D5.3.8 Total weight concept 3

) _ 3
m3 ot 5= Me oo] + Mg floor + Mpeam 3 T Me wall T Mpoof + Meore = 6-205 x 107-ton

23 tot = M3 4o 8 = 60.847-MN

D5.3.9 Average weight of one storey for concept 3
m3 tot
M3.storey = ~ 5 T 413.647-ton &3 storey = M3 storey' & = 4-0560-MN

D5.3.10 Total weight concept 4

R = 2 103
My ot = Me co] + Mg floor + Mpeam.4 T Me wall T Mpoof + Meore = 6-252 % 107-ton

24 tot = My tor & = 61.315-MN

D5.3.11 Average weight of one storey for concept 4

MY tot
m =
4.storey 15

= 416.827 -ton &4 storey = M4 storey & = 4.088-MN

D5.4 Summary

Total weight of referenece building Mpofior = 1.274 % 104~ton Zreftot = 124.903-MN
Total weight of Concept 3 my o= 6.205x 10 ton g3 (o, = 60.847-MN
Total weight of Concept 4 my o = 6252 x 103~ton g4 1ot = 61.315-MN

Average weight of referenece building Mrefstorey = 849.102-ton Zrefstorey = 8.327-MN
Average weight of Concept 3 M3 storey = 413.647-ton 23 storey = 4.056-MN
Average weight of Concept 4 My storey = 416.827-ton &4 storey = 4.088-MN
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Appendix D6: Design of floor with

regard to lateral loads, from east

This Appendix shows the performed calculations when checking the floors load bearing capacity
with regard to lateral loads from east, the results are presented in section 7.4.

D6.1 Geometric conditions and material properties for the

model

The floor is modelled as a beam subjected to a uniformly distributed load. The beam model is

supported by two supports.

Beam length (=total length of the floor) lbeam *

Beam width (=total width of the floor)
Length of the first cantiliver
Span between the supports

Thickness of floor plate

Width of one floor element

Lenght of stabilising part of core

Lengt of the total core

Modulus of elasticity
(from Massivtrd Handboken)

Second moment of inertia
14th floor

Stiffness of the floor around y
14 th floor

J— P

T
i
i
| 11 beam
i
|
i

Is =

h,beam

Wheam

= 37.225m

Wheam ‘= 21.4m

11 beam = 14.2m

lf = 8.7m

tHoor = 73mm

Wiloor = 2.4m

| 6m

core =

leore.tot = 11m

Eﬂoor.y = 6700MPa
3
toor Wheam

4
Iﬂoor.y = ) = 59.619m

1, 2
Ely = Efoor.y floory = 3:994 % 10 N-m

Unintended nclination
of columns

J Unintended inclination
¢ ofwalls

kNm := kN-m

“'\t Wind load

7
4
N

h:beam
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Charachteristic density of CLT pg = 400—

D6.2 Horizontal loads
D6.2.1 Wind load

The value for the wind load is taken from Appendix C1

Total wind pressure when wind we = 1.515- 103Pa

from east, zone 1

Influence height for floor 14 hy4:=4.175m
Wind load on the 14th floor slab kN
ind load on the oor sla Hyind.14 = We'h14 = 6.325-—

m

D6.2.2 Forces due to unintended inclination

[
d

1
Hy = Vgnomg Omd = O + NG

Number of supporting walls/columns
subjected to vertical load on each floor
Walls Nyaq] = 2

Columns .ol = 8
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0= Ny + Dol = 10

Systemetic part of the angle g = 0.003

Random part of the angle oq:= 0.012

Q

d _
0(de= OLO+T:6.795>< 10 3
n

Unintended inclination angle

Height of 14th storey hgoor = 4.75m

D6.2.2.1 Self-weight of floors that are taken by columns and walls
2
Mean tributrary are for concept 3 Amean.trib.3 = 33-3m

2
Mean tributrary are for concept 4 Amean.trib.4 = 37-2m

1 = 3.24m

Mean influence lenght for walls infl. mean.wall *

Self-weight of floor structure loor = | L
mz
Self-weight of installations ) kN
Zins = 0.3 —2

m

D6.2.2.2 Self-weight of beams that are taken by columns
kg

Self-weight of beam, concept 3 gyl = 510—-0.8m-0.225m
A%
Kerto-S, roof beam o
Average influence length linfl.3 = 4.75m
Average self weight of beams Gpeam.3 = linfl.3:& gy = 4:276-kN
= 140k— =1.373 k—N
Self-weight of beam, concept 4 EHEA = m T
HEAS00, roof beam
Average influence length Linflga = 5.01m
Average self weight of beams Gpeam.4 = SHEA linfl4 = 6-878 kN

D6:3



kg

Self-weight of columns Pglulam = 440 3
m
GCOl = pglulam~0.36m~0.33m~hﬂ00r~g = 2.435-kN
, kN
Self-weight of walls pCLT = 4 _3
m
twall == 158mm

KN
Gyall = PCLT Mloor twall = 3~002';

) kN
Office load =25—
Qoffice )
m
p » kN
Loads from partition walls dpart = 0.5 -
m

D6.2.2.3 Load combination, ULS
Load on columns in concept 3, wind load as main load

6.10a

V300 1,35.[(gﬂ00r + Zins) Amean.trib.3 + Obeam.3 + Geol| - = 182.206-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.S

6.10b

Vd3cb= 1'35.0'89.}:(55ﬂ00r + gins)'Amean.trib.S + Gpeam.3 * GCOI] - = 174395 kN
+1.5:0.7-(dgfice + qpart)'Amean.trib.S

Ve maxX(Va3ca Vdsep) = 182:206kN

Load on columns in concept 4, wind load as main load

6.10a

Vdon = 1,35.[(gﬂ00r + Zins) Amean.trib.4 + Obeam.4 + Geol| - = 195.039-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.4
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6.10b

Vddceh= 1'35.0'89.}:(55ﬂ00r + gins)'Amean.trib.4 + Gpeam.4 + GCOI] - = 186.474-kN
+1.5:0.7-(dgfice + qpart)'Amean.trib.4

Vaae=maxX(Vaaca Vddcp) = 195039-kN

Load on walls in concept 3 and 4, wind load as main load

6.10a
) kN
Vdwa*= 1'35'[(gﬂoor + gins)'linﬂ.mean.wall +G alﬂ =19.945—
+ 1'5'0'7'(qofﬁce + qpart)'linﬂ.mean.wall
6.10b
Vdwb = 1'35'0'89'}:(gﬂ00r + gins)'linﬂ.mean.wall all] =9. 688 T
+1.5-07(doffice * Apart linfl mean.wall
) kN
D6.2.3 Horizontal loads
Horizontal loads due to unintended inclination
Vv n .
Columns concept 3 H ;= M = 0.266~k—N
u.3 1 m
beam
Vd.4.¢ol %md kN
Columns concept 4 Hyg=—"—"—""=0285—
lheam m
Wall t 3and 4 : kN
ails concep an Hu.w = denwall()(md = 0271;
, kN
Wln.d load, ) . HW.14 = I'S'HWind.l4 = 90488 —
design value (wind as main load) m
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D6.3 Moment and shear forces the "floor beam" should
resist and transfere between two elements
D6.3.1 Maximum moments in the beam

D6.3.1.1 Support moments

The support moments are statically determined due to the cantilivers on each side of the supports.

Support moment for the 14th floor

2
(HW.14 +Hywt Hu.3)'ll.beam 3
Mg 3= = 1.011 x 10"-kNm
: 2
| 2
(HW.14 +Hywt Hu.4)' 1.beam 3
Mg 4= = 1.013 x 10"-kNm

2

The concepts is resulting in almoast the same load effects, the worst concept is used.

The first support moment Mg = Mg 4 = 1.013 x 103~kNm

D6.3.1.2 Field moment

Support moment almoast the same, therefore calcualting the field moment in the middle of the
span by using supoerposition method. The field moment from a simply supported beam minus the
support moment.

2
(HW.14 + Hywt Hu.4)'lf
Mg = 2 - Mg = -917.565-kNm

D6.3.2 Resisting force couple for the moments

M

S
F = — = 59.147-kN
MEd:s -
0.8Wbeam
M
F = = 53.596-kN
MEd.f-
0-8Wheam

These forces are the tension and com pression forces at the top and bottom of the beam model
that resists the applied moment. Because of the fact that the wind can blow from both sides the
signs of the forces are not of interest, it is understood that they can be both compression and
tension.
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D6.3.2.1 Design of steel edge-beam

Steel quality fyk = 355MPa M1 =L
fyk
fyg=—— =355MPa
M1
Elastic modulus Egteel = 210GPa
Dimensions Wgtee] = 6mm
hsteel = 65mm

—4 2
Agteel = Wsteel Dsteel = 3-9x 10 'm

Capacity NRq = Asteel'fyd = 138.45-kN

D6.3.3 Strain in the edge beam

- MESS ) gssarp

Applied stress to the steel Isteel = = 1ol.oos-MPa
steel

= el 107

Elastic strain in the steel Esteel = = [eiax
steel
Elongation of the steel edge beam dsteel = Esteel lbeam = 26-883-mm
D6.3.4 Utilisation ratio for edge beam
e . . F

MEd.
Utilisation of tension capacity oy o= s _ 42.791.%

NRd
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D6.3.5 Shear forces in joints between floor elements

D6.3.5.1 Johansens's equations

Length of nail lpai] := 75mm
Diameter of nail d:= 5mm
Penetration lengths t) := 45mm
ty = lpai — £t = 0.03m > 8-d=0.04m OK!
Ultimate strength £ nail == 600MPa
. d d Pk
Need of pre-drilling tgpip = max 7-——,| 13— - 30 |- =35
mm mm kg
400 —
3
m
4
"Pre-drill" if —— <ty = "No need for pre-drilling"
mm
"No need for pre-drilling" otherwise
. P (da) %
Embedment strength for first web (t1) 1 = 0.082— | — -MPa = 20.239-MPa
o kg \ mm
3
m
P (a\
Embedment strength for second web (t2) fi 5 | = 0.082—| — “MPa = 20.239-MPa
- kg \ mm
3
f m
. h.2.k
Ratio between embedment strengths 3:.= —— =1
fi
h.1.k
2.6 04 5
Characteristic yield moment for the nail  My.Rk = 03 Tunaird” -m =" = 1.873x 107-N-mm

F,Rk2 = fho tr-d=3.036:kN
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fotyed (1) ) ¢
h1kt 2 2 2 3( B 2
FyRk3=—""—"—1[B+28 1+—+[—j +6~[—j —6-[1+—j = 1.625-kN

1+0 tl tl tl tl
fi tyd | 4.3-(2 + B)-M
h.1.k™1 y.Rk
FyRk4=1.05—— (281 +B) + ~ B|=4.573-kN
2+ "
R hikdt
f thed | 4.-8-(1 + 2B)-M
h.1.k™*2 2 y.Rk
FyRks=1.05———[2:87(1+ B) + ~ B| = 4.628 kN
1+23 ¢ 2
R hikdt

’ 2-3

Lateral capacity of one fastener

Fy rk = min(Fy gy 1-Fy R 2-Fy Rk 3-Fy Rk 4-Fy Rk 5+Fy Rk 6) = 1-625-kN

Strength modification factor, Knod = 0.9

short term load

Partial factor for solid wood M= 1.3
F

) v.Rk
F,Rd = Kpog—— = 1.125:kN
™

D6.3.5.2 Minimum spacing

Angle between force and grain direction o := 0

For a p.k < 420 kg/m*3

Spacing parallel to grain a) = (5 +5 |cos(af)| )~d = 50-mm
Spacing perpendicular to grain ay = 5-d=25mm

Distance to loaded end a3 = (10 + 5~cos(af))~d = 75-mm
Distance to unloaded end a3 o= 10d = 50-mm

Distance to loaded edge ay = (5 + 2-sin(af))-d = 25.-mm
Distance to unloaded edge ag o= 5d=25mm
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D6.3.5.3 Shear force in one connector and utilisation ratio

Shear force in the most loaded floor joint

F ) (HW.14 + Hyw t Hu.4)l (HW.14 + Hyw t Hu.4)
joint -~ 1.beam ~

kN
Wioor = 5538 —
Wheam Wheam

m

Spacing between connectors (nails) Spai] = 200mm

Applied force on each connector Fy Ed= Fj oint Snail = 1-108-kN
F

Utilisation ratio Upai] = _vEd = 0.492

(having two rows of nails) 2Fy rd

D6.4 Shear forces the floor beam should transfer to the
core

H + H + H
Shear force between the floor and the Foore = ( w.14 uw u'4) 11 beam = 12,965.k—N
concrete core Leore.tot m
Capacity of the connector Frq = 13.3kN

(assumed capacity from screw
FBS 10 A4 from Fischer)

http://www.fischersverige.se/ PortalData/10/Resources/fischer_se/katalog_pdf/stal_infastning/
_dokument/Betongskruv_FBS.pdf

Spacing between the connectors 8= 250mm
Applied force on each conncetor Fpq:= Feore's = 3.241'kN
F. oS
Utilisation ratio Ugeren = o = 24.371-%
Rd
Spacing between the timber Stimb = 150mm
connectors
Applied force on each timber Frd.timb = Feore Stimb = 1-945-kN
conncetor
Utilisation ratio Feore Stimb
Unails = —— - = 86.422-%
2-Fy rd
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D6.7 Additional calculation of unintended inclination for
the reference building and the concepts

In this Chapter, the equivalent force of the unintended inclination for the reference building and the
concepts are calculated. The forces are not used in this Appendix but in Appendix D8 to calc ulate
the moment in the core and the horisontal deflection of the core from lateral forces.

These calculations were performed in this Appendix because all the facts about loads, influence
lengths and tributary areas and so on are defined in this Appendix.

Numbe_r of columns, and total number Neolref = 0 Nof = Dyal] + Neolref = 8
of vertical loaded members

Q

. T -3
Unintended inclination angle Ond.ref = Qo = 7243 x 10
Opef
45 kN
Self-weight of the floor 8floor.ref = 473 )
m
G = 14.6 4k—N
Self-weight of the wall wall.ref = 14.63 m
G =gl 4g 6m = 5.437-kN
Self-weight of the columns col.ref = &15 m :3.6m = 5.437-
i 2
Tributary area for the columns Anean.trib.ref = 60m
Influence length for the walls linfl refwall = 5-375m

D6.7.1 Horizontal load from unintended inclination for self-weight
as unfavourable for the Reference building

Load on columns, wind load as main load

Vun.unfrefcol = 1'1'[(gﬂ001r.ref + gins)'Amean.trib.ref + Gpeam.4 + Gcol.ref} ~ = 535.847kN
+ 1'5'0'7'(qofﬁce + qpart)'Amean.trib.ref
Load on walls, wind load as main load

kN
Vun.unfref.wall = 1'1'[(55ﬂ00r.ref + gins)'linﬂ.ref.wall + Gwall.refJ e = 62.887-—

m
+ 1-5'0-7'(q0fﬁce + qpart)'linﬂ.ref.wall
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Vv ‘n .
Equvivalent force from the columns Hofunfeol = un.unfref col Mool ref #md ref = O.626~k—N

m

lbeam

. kN
Equvivalent force from the walls Hrefunfwall = Yun.unfrefwall fwall “md.ref = 0-911"
unf, anfref. . m

Total horisontal force from unintended

kN
inclination effects Hrefunf = Hrefunf.co 1= 1.536-—

m

1+ Href.unf.wal

D6.7.2 Horizontal load from unintended inclination for self-weight
as favourable for the Reference building

Load on columns, wind load as main load

Vdrefe.fav = 0'9'E(gﬂoor.ref + gins)'Amean.trib.ref + Gpeam.4 + Gcol.ref} - = 283.784-kN
+0-(doffice * qpart)'Amean.trib.ref

Load on walls, wind load as main load

kN
Vd.w.fav = 0'9'E(gﬂoor.ref + gins)'linﬂ.ref.wall + Gwall.ref} v =37.6—

m
+0-(doffice + qpart)'linﬂ.ref.wall

. Vd.refc.fav eol.ref md.ref kN
Equvivalent force from the columns Hiof fav col = =0331.—

m

lbeam

KN
Hyef fay.wall = Vd.w.fav Dwall ®md.ref = 0-545';

Equvivalent force from the walls

, , kN
Totgl hqnsontal force from unintended Hoof fav = Href fav.col + Href fav.wall = 0-876:—
inclination effects m
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D6.7.3 Horizontal load from unintended inclination for self-weight
as unfavourable for the Concepts

Vununf3.col = 1'1'[(55ﬂ001r + gins)'Amean.trib.S + Gpeam.3 + Gcoﬂ - = 169.056-kN
+ 1‘5'0‘7'(qofﬁce + qpart)'Amean.trib.3

Viun.unf4.col = 1'1'[(55ﬂ001r + gins)"Amean.tlribA + Gpeam.4 + GCOﬂ - = 180.621kN
+ 1-5'0-7'(q0fﬁce + qpart)'Amean.trib.4

. kN
Vun.unfwall = 1'1'[(2‘5ﬂ001r + gins)'linﬂ.mean.wall +G alﬂ = 18.141-—
+ 1'5'0'7'(qofﬁce + qpart)'linﬂ.mean.wall
Horizontal loads due to unintended inclination
Columns concent 3 ‘ Vun.unf.3.col Neol ®md kN
olumns concep Hyn.unf3.col = ] =0.247—
beam m
Vv n .
un.unf4.col Mol *md kN
Columns concept 4 Hn unf4.col = | = 0.264-—
beam m
Wall t 3 and 4 : kN
alls concept S an Hun unfwall = Vun.unfwall wall ®md = 0-247-~
Total horizontal load due to unintended : kN
,O a, quzon al load aue to unintenaed  H,,, .n¢3 = Hyp unf3.col ¥ Hununfwall = 0-493-—
inclination m
. kN
Hyn.unf4 = Hununf4.col * Hununfwall = 0-3 1';

D6.7.3 Horizontal load from unintended inclination for self-weight
as favourable for the Concepts

Vun.fav.3.col = 0'9'E(gﬂoor + gins)'Amean.tlrib.S + Gpeam.3 * Gcoﬂ ~ = 47.341-kN
+0-(doffice + qpart)'Amean.trib.S

Vaunfav.4.col = 0'9'E(gﬂoor + gins)'Amean.tlribA + Gpeam.4 + Gcol} - = 51.906-kN
+0-(doffice + qpart)'Amean.trib.4

Vaun.fav.wall = 0'9'E(gﬂoor + gins)'linﬂ.mean.wall alﬂ = 6. 493 -
+0-

Qoffice * qpart)'linﬂ.mean.wall
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Horizontal loads due to unintended inclination

Columns concent 3 . Viun.fav.3.col fcol ®md kN
u oncep Hyn.fav.3.col = ) = 0.069-—
beam m
Columns concent 4 . Vun.fav.4.col fcol ®md kN
umns concep Hun fav.4.col = ) = 0.076-—
beam m
Walls concept 3 and 4 Hun.fav.wall = Vun.fav.wall Pwall ®md = 0-088-—
m
kN

_Totz?l hqrizontal load due to unintended Hun. fay3 = Hun. fav 3.col + Hun. fav wall = 0.157. —
inclination m

kN
0.164-—

1+H
m

Hyn fav.4 = Hyn fav.4.co un.fav.wall =
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Appendix D7: Design of floor with
regard to lateral loads, from north

This Appendix shows the performed calculations when checking the floors load bearing capacity

with regard to lateral loads from north, the results are presented in Section 7.4.

D7.1 Geometric conditions and material properties for the

model

Beam length (=total length of the floor) lpeam = 33m

Beam width (=total width of the floor)

Length of the first cantiliver
Length of the second cantiliver
Span between the supports
Thickness of floor plate

Width of one floor element

Modulus of elasticity
(from Massivtrd Handboken)

Lenght of stabilising part of core
Total length of the core

Second moment of inertia
12th floor

Stiffness of the floor around y
12 th floor

A

| 12 beam .
t |

11,bezm : Is

Wheam

Wbeam = 17.6m

11 beam = 12.9m

lZ.beam = 8.1m
lf = 11lm
tHoor = 73mm

Wiloor = 2.4m

Eﬂoor.y = 6700MPa
leore = 3:2m
leore.tot = 8-6m
3
floor Wbeam 4
Moory = ——5 = 33.165m
11 2
Ely = Egoory floory = 2222 % 107 -Nem
Unintended inclination
of columns
yd
L R
[
N 1
\Vbeam}:
11 beam I I3 I 12 beam |

Ibeam
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Charachteristic density of CLT Py = 400k—

D7.2 Horizontal loads
D7.2.1 Wind load

The value for the wind load is taken from Appendix C1

Total wind pressure when wind wy = 1.505 x 103 Pa

from north, zone 1
Influence height for floor 12 hj5:=3.8m

kN

Wind load on the 12th floor slab H = wphyy=5719—
m

wind *

D7.2.2 Forces due to unintended inclination

[
d

1
Hy = Vgnomg Omd = O + NG

Number of supporting walls/columns
subjected to vertical load on each floor

Columns ol office = 8
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0= Nyap) + Neol office + Neol.bal = 12

Systemetic part of the angle o = 0.003

Random part of the angle oq:=0.012

Q

d _
O = 0 + = = 6464 10 :
n

Unintended inclination angle

Height of 12h storey Bfioor = 4m

D7.2.2.1 Self-weight of floors that are taken by columns

(In this case the walls are not loaded)

2
Mean tributrary are for concept 3 Amean.trib.3 = 37-15m
.4 = 38.54m”
Mean tributrary are for concept 4 Amean.trib.4 = 38-54m
Self-weight of floor struct - KN
elf-weight of floor structure loor = 1—2
m
Self-weight of installations ) kN
gins =03 —2
m

D7.2.2.2 Self-weight of beams that are taken by columns

Weight of beam, concept 3 gl = 510§-0.65m~0.225m
Kerto-S, office beam o

- 1902
Weight of beam, concept 3 EHEA650 = o

Steel, balcony beam
Average influence length, timber Linflt3 = 4.75m

| 3= 6.35m

Average influence length, steel infl.s.

Self-weight of office beams concept 3 Otbeam.3 = linfl.t.3-& 8yl = 3474-kN

Self-weight of balcony beams concept 305 beam.3 = linfl.s.3 8HEA650°8 = 11.832-kN
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Weight of beam, concept 4 EHEA450 = 140§
m

HEA450, office beam

Weight of beam, concept 4 EHEAG650 = 190§
HEA®B50, balcony beam m
Average influence length of Linfld.o = 5-01m
office beams to the columns o

Average influence length of 1 61
balcony beams to the columns infl.4.b = 6-15m

Self-weight of steel beams concept 3 Gyoa 4 o= SHEA450 \infl4.0'8 = 6-878-kN
office beam

Self-weight of steel beams concept 3 Gyoa 4 b= SHEA650 \infl4 b'& = 11:459-kN
balcony beam

kg
Self-weight of columns Pglulam = 440 T3
m
GCOl = pglulam'0'36m'0'33m'hﬂ00r'g = 2.05-kN
, kN
Self-weight of walls pCLT = 4 _3
m

twall = 158mm

KN
Gyall = PCLT Mloor twall = 2-528';

) kN
Office load =25—
Qoffice )
m
p » kN
Loads from partition walls dpart = 0.5 -
m
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D7.2.2.3 Load combination, ULS
Load on columns subjected to balcony beam in concept 3, wind load as main load

6.10a

Vd3.cabal = 1'35'[(2‘5ﬂ00r + gins)'Amean.trib.S + Gg beam.3 * GCOﬂ - = 200.962-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.S

6.10b

Vd3.cbbal = 1'35'0'89'}:(gﬂ00r + gins)'Amean.trib.S + Gg beam.3 * Gcol} - = 191,728 kN
+1.5:0.7 (Ao ffice * qpart)'Amean.trib.S

Vd3.cbal = MX(Vq3.cabal:Vd3.cbbal) = 200962 kN

Load on the columns subjected to office beam in concept 3, wind load as main loac

6.10a

Vg3 aoffice = 1,35.[(gﬂ00r + Zins) Amean.trib3 + Gt beam.3 + Geol| - = 189.679-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.S

6.10b

Vd.3.cb.office = 1'35'0'89'{(55ﬂ001r + gins)'Amean.trib.S + Gt beam.3 * Gcoﬂ - = 181.687-kN
+1.5:0.7-(Qpffice * qpart)'Amean.trib.S

Vd.3.c.office = maX(Vd.3.c.a.ofﬁce’Vd.3.c.b.ofﬁce) = 189.679-kN

Load on columns subjected to balcony beam in concept 4, wind load as main load
6.10a

Vdd.cabal = 1'35'[(2‘5ﬂ00r + gins)'Amean.tribA + Gpeam.4b + GCOﬂ w = 207.277kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.4

6.10b

Ve bal = 1,35.0,89.{(gﬂoor + gins). Amean.trib4 *+ Obeam 4 b * Gcol] .. = 197.83-kN
+1.5:0.7-(dgffice + qpart)'Amean.trib.4

Vda.cbal = MX(V4.cabalVdacbbal) = 207277kN
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Load on columns subjected to office beam in concept 4, wind load as main load
6.10a

Vd4.caoffice = 1'35'[(2‘3ﬂ001r + gins)'Amean.tlribA + Gpeam.4.0 * GCOﬂ - = 201.093-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.4

6.10b

Vd4.cb.office = 1'35'0'89'{(55ﬂ001r + gins)'Amean.tlribA + Gpeam.4.0 + Gcol} - = 192.327-kN
+1.5:0.7(doffice * qpart)'Amean.trib.4

Vd.4.coffice = maX(Vd.4.c.a.ofﬁce’Vd.4.c.b.ofﬁce) = 201.093-kN
D7.2.3 Horizontal loads

Horizontal loads due to unintended inclination

Vv ‘n .
Columns subjected to office Hy, 3 office = d.3.coffice ool office%md = O.297-k—N
beam,concept 3 lpeam m
Vv n .

Columns subjected to balcony H 3 pal = d.3.c.bal Peol.bal “md = 0,079.k—N
beam,concept 3 lheam m

, , kN
Horizontal load from unintended Hy 3= Hy 3 office + Hu3 pal = 0-:376-—
inclination, concept 3 ' o o m

Vv ‘n .
Columns subjected to office Hy, 4 office = d.4.coffice ool officemd = O.315-k—N
beam,concept 4 o lheam m
Vv n .

Columns subjected to balcony H, 4 pal = d.4.cbal Peol.bal *md = o,ogl.k—N
beam,concept 4 o lheam m

, , kN
Horizontal load from unintended Hy 4= Hy 4 office + Hy4 pal = 0-396-—
inclination, concept 4 ' o o m

, kN

Wind load, HW = I'S'HWind = 8.579-—
design value (wind as main load) m
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D7.3 Moment and shear forces the floor beam should
resist and transfere between two elements

D7.3.1 Maximum moments in the beam
D7.3.1.1 Support moments

The support moments are statically determined due to the cantilivers on each side of the supports.

Support moment for the 14th floor, the moment is only calculated for the longest cantilever of 12.9m

2
(HW + Hu.3)'ll.beam
Mg 3= = 745.056-kN-m
: 2
2
(HW + Hu.4)'ll.beam
Mg 4= = 746.75-kN-m

2

The concepts is resulting in almoast the same load effects, the worst concept is used.
The first support moment Mg = Mg 4 = 746.75-kN-m

D7.3.1.2 Field moment

Support moment almoast the same, therefore calcualting the field moment in the middle of the
span by using supoerposition method. The field moment from a simply supported beam minus the
support moment.

2
(HW + Hu.4)'lf
Mg = # - Mg =—-611.006-kN-m

D7.3.2 Resisting force couple for the moments

MS

FMEd.S = m = 53.036-kN
Mg

FMEdf = 0.8wbeam = 43.395-kN

These forces are the tension and com pression forces at the top and bottom of the beam model
that resists the applied moment. Because of the fact that the wind can blow from both sides the
signs of the forces are not of interest, it is understood that they can be both compression and
tension.
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D7.3.2.1 Design of steel edge-beam

Steel quality

Elastic modulus

Dimensions

Capacity

L o =1
fy = 355MPa Ml
fyk
fyg=—— =355MPa
M1
Esteel .= 210GPa

Wteel = 6mm

hsteel = 65mm

A 4 2

steel = Wsteel Dgtee] = 39 x 10 'm

NRd = Asteel'fyd = 138.45-kN

D7.3.3 Strain in the edge beam

Applied stress to the steel

Elastic strain in the steel

Elongation of the steel edge beam

D7.3.4 Utilisation ratio for edge beam

Utilisation of tension capacity

FMEd s
Ogtee] = —— = 135.99-MPa
steel
Osteel 4
Estee] = = = 6476 x 10
steel
dsteel = Esteel lbeam = 21-37-mm
F
MEd.s
U = = 38.307-%
NRrd

D7.4 Shear forces the floor beam should transfer to the

Core

Shear force between the floor and the
concrete core

Capacity of the connector
(assumed capacity from screw
FBS 10 A4 from Fischer)

Capacity of timber nail

_ (HW +Hy 3+ Hu.4)
core "~ ]

kN
14.026-—
m

E 11 beam =

core.tot

Fpq:= 13.3kN

Fy rd = 1.125kN
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http://www.fischersverige.se/ PortalData/10/Resources/fischer_se/katalog_pdf/stal_infastning/

_dokument/Betongskruv_FBS.pdf

Spacing between the concrete
connectors

Applied force on each conncetor

Utilisation ratio

Spacing between the timber
connectors

Applied force on each conncetor

Utilisation ratio

S = 250mm

conc

Frg = Foore'Scone = 3-507-kN

F
Uscrew =

S

core >conc

= 26.365-%
FRrd

Stimp = 150mm
FEd timb = Feore Stimb = 2-104-kN

‘ Feore Stimb
Unail -=

2FV.Rd

=93.508-%

D7.5 Additional calculation of unintended inclination for
the reference building and the concept

In this Chapter, the equivalent force of the unintended inclination for the reference building and the
concepts are calculated. The forces are not used in this Appendix but in Appendix D8 to calc ulate
the moment in the core and the horisontal deflection of the core from lateral forces.

These calculations were performed in this Appendix because all the facts about loads, influence
lengths and tributary areas and so on are defined in this Appendix.

Number of columns, and total number n

of vertical loaded members

Unintended inclination angle

Self-weight of the floor

Self-weight of the wall

Self-weight of the columns

Tributary area for the columns

Influence length for the walls

colref = © Dpef = Nyal] + Ngolref = 8
i -3
Omd.ref = &0 * = 7.243 x 10
Opef
. KN
floor.ref = 473 -
m
G = 14.634 L
'wall.ref . o
kg
Geolpef = & 154—2-3.6m = 5.437-kN
m

2
Amean.trib.ref = 60m

| 1= 5.375m

infl.ref wal
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D7.5.1 Horizontal load from unintended inclination for self-weight
as unfavourable for the Reference building

Load on columns, wind load as main load

Vun.unfrefcol = 1'1'[(gﬂ001r.ref + gins)'Amean.trib.ref + Gpeam.4.b * GCOlICfJ - = 40885 kN
+ 1-5'0-7'(qofﬁce + qpart)'Amean.trib.ref

. Vun.unfref.col Deol.ref “md.ref kN
Equvivalent force from the columns Hiefunfcol = =0712—
lpeam m
Total horisontal f f intended KN
otal horisontal force from unintended  H, ¢\ ¢ = Hiofunfeol = 0-712-—

inclination effects m

D7.5.2 Horizontal load from unintended inclination for self-weight
as favourable for the Reference building

Load on columns, wind load as main load
Vaun.fav.ref.col = 0'9'E(gﬂoor.ref + gins)"(xmean.trib.ref + Gpeam.4.b * Gcol.ref} - = 287.906-kN
+0-(doffice * qpart)'Amean.trib.ref

, Vun.fav.ref.col'ncol.lref'o‘md.ref kN
Equvivalent force from the columns Hief fav.col = =0.379-—

lbeam m

Total horisontal force from unintended Heof fav = Href fav.col = 0.379-k—N

inclination effects m

D7.5.3 Horizontal load from unintended inclination for self-weight
as unfavourable for the Concepts

Concept 3

Vunf3.bal.col = 1:1 '[(gﬂoor + gins)'Amean.tlrib.S + Gg peam.3 + GCOIJ o = 18SAITKN
+ 1-5'0-7'(q0fﬁce + qpart)'Amean.trib.S

Vaunf3.office.col = 1'1'[(2‘3ﬂ001r + gins)'Amean.tlrib.S + Gt beam.3 * Gcoﬂ - = 176.224-kN
+ 1‘5'0‘7'(qofﬁce + qpart)'Amean.trib.3
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Concept 4

Vaunf4.bal.col = 11 '[(gﬂoor + gins)'Amean.tlribA + Gpeam.4.b + GCOﬂ - = I91374AN
+ 1.5'0-7'(qofﬁce + qpart)'Amean.trib.4

Vunt4.office.col = 11 (&floor + ins)-Amean.trib.4 + Gbeam 4.0 + ool ] - = 186.335-kN
+ 1.5'0.7'(qofﬁce + qpart)'Amean.trib.4

Horizontal loads due to unintended inclination

Vv n .
unf.3.bal.col Tcol.bal ¥md kN
Columns concept 3 Hynf3 bal.col = | =0.073-—
beam m
‘ Vunf3.office.col Tcol.office’ *md kN
Hynt 3 office.col = ) = 0'276';
beam
Total horizontal load due t kN
otal horizontal load aue to Hunt3 = Hunf3 bal.col * Hunf3.office.col = 0-349-—
unintended inclination m
Vv n .
unf.4.bal.col Tcol.bal ¥md kN
Columns concept 4 Hnf4 bal.col = | =0.075—
beam m
‘ Vunf4.office.col Tcol.office’ *md kN
Hynf 4 office.col = ) = 0'292';
beam
Total horizontal load due t kN
otal horizontal load aue to Hynf4 = Hynf4 bal.col * Hunf4.office.col = 0'367';

unintended inclination

D7.5.3 Horizontal load from unintended inclination for self-weight
as favourable for the Concepts

Viav.3 bal.col = 0'9'E(gﬂoor + gins)'Amean.trib.S + G5 beam 3 * Gcol} - = 55.959-kN
+0-(doffice * qpart)'Amean.trib.3
Viav 3 office.col = 0'9'E(gﬂoor + gins)'Amean.trib.S + Gtbeam.3 * Gcoﬂ - = 48.438-kN

+0-(doffice + qpart)'Amean.trib.S
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Vfav.4.bal.col = 0'9'E(gﬂoor + gins)"(xmean.tribA + Gpeam.4.b * Gcol] - = 5725kN
+0-(doffice * qpart)'Amean.tribA

Vfav.4.office.col = 0'9'E(gﬂoor + gins)'Amean.tlribA + Gpeam.4.0 * Gcol] - = 53.128-kN
+0-(doffice + qpart)'Amean.trib.4

Horizontal loads due to unintended inclination

Vv n .
fav.3.bal.col 1.bal' %“md kN
Columns concept 3 Hfay 3 bal.col = .o lco coma = 0.022-;
beam
‘ Vfav.3.office.col Deol.office md kN
Heyy 3 office.col = 1 = 0'076';
eam
izontal | intended kN
TOta.I hquzonta oad due to unintende Hyy 3= Hfay 3 bal.col + Hfav.3 office.col = 0-098-—
inclination m
Vv n .
fav.4.bal.col 1.bal' %“md kN
Columns concept 4 Hfay 4 bal.col = oo lco coma = 0.022-;
beam
‘ Vfav.4 office.col Mcol.office “md kN
Heyy 4 office.col = 1 = 0'083';
eam

. kN
Total horizontal load due to unintended Hfav. 4= Hfav. 4balcol * Hfav. 4 office.col = 0.106-—
inclination m
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Appendix D8: Lateral deflection, natural
frequency and lateral acceleration

In this appendix the calculations of the lateral deflections, natural frequency and the lateral
acceleration for the reference building and the concepts are presented. The results are presented in
Section 7.5. Since the weight of the Concept 3 and Concept 4 are apprioximately the same only
Concept 4 has been evaluated. kNm := kN-m

D&.1 Lateral deflection

The lateral deflection of the building is calculated with the equation below. The structure is assumed
to behave mainly in flexure and behave as a cantilever beam.

uxi)= | E.I(xl)'(xl - x)dx

J 0
Elastic modulus of concrete E.p = 36GPa
(C45/55)
Total length of core in y-direction ly = 1Ilm
Total length of core in z-direction 1,:=8.8m
t := 250mm y Il 13 I
11 | i
I == 3.2m v, " N " /B
4 Y ,{ \‘-.__ .." F ™, ::
z 250 Flesn/ Hess/ Hoson/  Elaso
12 =2.2m 11 7] e i S/ _E __.K-."'- ] __.r;l."'x_ o _,/"’ A %-__
1, := 1.6m T . £ -] CaCeZrTale T TeTn e ale
3 . . - -
R 0K +7.150 I |—
lg=4.4m 200 PREFAB 15
Is = 2.8m ey =]
5 _s ,_Lf-‘ﬁil = s il - .
e S @ 'ﬁ\
b E i --""P-' ’ ., |
- - 01 .'-.’____,- SE‘L a
5 LN
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Area of concrete walls Ay

A2 =

D8.1.1

t1y = 0.55m”

Second moment of inertia around y (wind from

A3:

A4 = t.]4: 111’1’12 A6 = t'l6: 135m2

north)

Centre of gravity for the different parts in the concrete core

I -

=—=1.
I
7z =1, ——=72m
2 z 5
t
2y = l, - —=8.675m
2
t 0.125
7= — = m
47
25 = lL,-1y+—-=5725m
t —
zg = Iy - E =3.075m

Centre of gravity of the concrete core

. 6A1Z1 + 2A2Z6 + 2A3Z4 + A4Z5 + A5Z5 + 3A122 + A6Z3

Z =

=4.119m

9~A1 + 2~A2 + 2~A3 + A4 + A5 + A6

Second moment of inertia for the different parts in the concrete core

3
t1; 4
I 1:=——=0.683m 1
y.1 12 y.4
3
3 Iyt ) 3 4
Iyp=——"=2865x10 "m I s
12
3
L 4= 13—t =2.0 10 > m? I
v.3 = B =2.083 x m V.6

Lt
4 _
= 579x 10 °m?
12
3
et
5 _
=2 _3646x 10 °m”
12
3
et
6 _
=2 7031x10 °m”
12

Second moment of inertia of the concrete core

= 6~[Iy.1 + A1~(z - 21)2} + 3|1y + A1~(z -

+21 1y 3 +A3~(z— 24)2 +|lya+ A4~(z—

+ Iy6 + A6(Z - 23)2

2 2 4
- 2-[1y.2 + Ay(z - 2g) J .. =106.035m

+ []yS + A5~(z - ZS)ZJ

z)

z5)2
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Stiffness of the concrete core EIy = Ecm-ly =3.817 x 1012-N-m2
(y-direction)
D8.1.2 Second moment of inertia around z (wind from east)
Centre of gravity for the different parts in the concrete core
1
t

vy = ly—E: 10.875m y7:=15t+1y=2575m yip=t+ 1m+?:3.45m

. . 12 . t
yp= 1y~ 1.5t~ 1) =8425m ygi= t+— = 135m ¥13:=ly= 7 = 10875m

I3 Iy
y3::2t+12+?:3.5m ¥g = ly—t—?:9.65m yi4:= 1.5t +1g=5775m
t t
yp=3t+ 1+ 1.513=535m ¥10:=ly= 5 = 10.875m ¥i5:= 5 = 0.125m
1 1

y5 =351+ 12 + 213 =6.275m o L _5 _ o _6 _
Yo = 2.5t+ 1y +13=4425m

I [+

! vl

| | v2

I | v3 ! _

[1:5
I
6
b
e | |
o
lv10

| [

I [+

| ¥l

] Fyi2—

B
413
14
~ vl
16 ||
| T
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Centre of gravity of the concrete core

yi=

A1~(2y15 +y7+Y6+ Vs +yy+ 2y + y14) + A2~(y8 + y9) + A3~(y3 + y4) + Ay -

+As Y11+ Ag Y16

9~A1 + 2~A2 + 2~A3 + A4 + A5 + A6

= 5.183n

Second moment of inertia for the different parts in the concrete core

I

z.1

I2.2

12.3

3
1t I
—— —4167x 10 °m
12
3
tly .
-2 - 0222m
12
tly° .
>~ 0085m
12

4

13
1 "4 1.775 4
=— = 1. m
z.4 12

3

t1 4

I c:=——=0457Tm
z.5 12

el

4
I, g=—=3281m
7.6 12

Second moment of inertia of the concrete core

I

Stiffness of the concrete core
(z-direction)

D8.1.3

z

Applied moment on each floor

2 2 2 2 2 2 2 4

2 2 2 2

2 2 2
+ (Iz.4 + AgY12 ) + (Iz.s + A5yl ) + (12.6 + A6Y16 )

13 2
EL, = Eg 1, = 1749 x 10 *N'm

Table below shows different horisontal loads from unintended inclinations. These values were

caluclated in Appendix D6 and D7.

Unintended inclination When self-weightis When self-weight is favourable
unfavourable

Wind from east, reference 1.336kN/m 0.876kN/m

building

Wind from east, 0,493 kN /m 0.157kN/m

Concept 3

Wind from east, 0.310kN /m 0164 kN /m

Concept 4

Wind from north, reference 0.712kN/m 0.379kN/m

building

Wind fromnorth, 0.349kN /m 0.098 kN/m

Concept 3

Wind fromnorth, 0.367kN/m 0.106 kN/m

Concept 4
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D8.1.3.1 Applied moment for concepts when wind from north

When considering wind from north a simplification made was to neglect the fact that the two storeys
in the top of the building is smaller due to the balcony. This simplification is on the safe side
becuase the building will be subjected to a larger wind load.

Wind pressure from north Win = 1505Pa (zone 1, the upper zone)
(values taken from a
Appendix C1) Wy = 1317Pa (Zone 2, the lower zone)
Lenght of north facade 1, == 33.06m
Characterisitic equivalent force from 0367 kN I _ 337 kN
unintended inclination (value taken unk m 36m - m
from table above)
. oy kN

Wind expressed as a distributed Hy = 151wy + £ = 78.003-—
load along the core (wind load as ' ' ' m
main load and therefore increased
by a facotr of 1.5 : kN

y a facotr of 1.5) Hy = 151wy o+ fp = 68.68~E

Height of zone 1 and zone 2

zone| = 52.65m — 37.285m = 15.365m

zone, = 37.285m

zone; zone 5
Support moment M, ,:= Hy -zone;-| zone, + 5 +H, - P 1.016 x 10”-kNm

. 3
Reaction force V= Hj yzone; + Hy -zoney = 3.759 x 107-kN
Moment distribution for zone 2

x2 := 0m,0.0lm..37.29m

2
x2
My (x2) = M, , + H2.n'7 -V X2
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Moment distribution for zone 1

x1 = 37.29m,37.30m.. 52.65m

zone, (Xl - zonez)
Ml(Xl) = Ma.n + H2_n~zone2- x1 — ) + Hln—2 - Va.n'Xl

Moment distribution when the concepts are subjected to wind from north

60 ' ' M (52.65m)
M (47.9m) >
M1(44.3m) 0 2.98-10-11
M (40.3m) 1 879.974
2| 2.719'103
| M., (36.7m)
40
2 3| 5949103
M5(33.1m) 4| 9.921-103
X2 M,(29.5m) | [5] 1.482-104
1 .
X Mo | Mysom) || 6] 2062 10%
s 7 2.73:10%
20 - 2(23m) | T e 107
My(18.7m) | 19|  4.334'10
M,(15.1m) 10 5.27:10%
104
M, (11.5m) 11|  6.294'10
12| 7.40810%
Ma79m) 1 193] g61-107
|
0
M,(4.3m 14 1.016°10°
0 5<100  1x10®  1.5x10° 2(4.3m)
My (x2), M (x1) M, (0m)

-kKNm

D8.1.3.2 Applied moment for reference building when wind from north

Characterisitic equivalent force from kKN n kN

unintended inclination (value taken fun k. ref = 0-712 ‘m 36m 6539'?

from table above)

Wind expressed as a distributed H = 1.5l wy .+ f = 81 171-k—N

; l.nref= *~“'n""™1.n™ ‘unk.ref :

load along the core (wind load as m

main load and therefore increased

by a facotr of 1.5) H = 1.5 £ =71 849~k—N
4 2.nref = 120 Won t tunkoref : m
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zone zone, 5
Support moment M, | of = H|  jof-ZOne;-| zone, + 5 + H2.n.ref'T =1.06 x 10"-kNm

Reaction force \Y% = Hj ) rofzone; + Hy | op-zoney = 3.926 x 103~kN

an.ref -

Moment distribution for zone 2

)(22

M) ref(x2) = My p ref + H2.n.ref’7 =~ VanrefX?

Moment distribution for zone 1

(xl - zonez)2

j + Hp b ref ) =~ VanrefXl

zone2

My ref(x1) = My py ref + HZ.n.ref'Z()neZ'(Xl -

Moment distribution when the reference building is subjected to wind from north

60 . . M ;of(52.65m)
M of(47.9m) -
Ml.ref(44'3m) 0 0
M| [of(40.3m) 1 915.716
2| 283103
M 36.7m)
40 . 2refl 3|  6.19:103
M) ref(33.1m) 4| 1.032:10%
X2 My of(29.5m) 5| 1.543-104
104
— ref - 2.re
n.ref 7| 2.844-10%
M3 ref(22-3m) 8| 3.634-10
20 ]
M3 ref(18.7m) 9| 4.517-104
My Lof(15.1m) 10| 5.493-10%
11| 6.563-104
M 11.5m)
2reft 12| 7.725-10
M) ref(7-9m) 13| 8.981-10¢
0 . M) of(4.3m) 14| 1.0610°
7 8 8
0 5x10 1x10 1.5x10 M2_ref(0m)

MZ.ref(Xz) > Ml.ref(Xl)
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D8.1.3.3

Wind pressure from north
(values taken from
Appendix C1)

Lenght of east facade

Characterisitic equivalent force from
unintended inclination (value taken
from table above)

Wind expressed as a distributed
load along the core (wind load as
main load and therefore increased
by a facotr of 1.5)

Height of zone 1 and zone 2

Support moment M

a.c

Reaction force Vv

a

Moment distribution for zone 2

)(22

e
M2.e(X2e) =MyetHye , Vae

Moment distribution for zone 1

Ml.e(X1e) =Myt H2.e'zon62.e'(X1e -

Applied moment for concepts when wind from east

W] o= 1515Pa (Zone 1, the upper zone)
Wy o= 1374Pa (Zone 2, the lower zone)
le == 37.285m

£ most0 Nl 5og, KN

ek = ™ m 3.6m ' m

. kN
Higim LSlgWy o + e = 90012
kN

Hy o= 15lewy ¢ + fyek = 82126

zone| o = 52.65m — 33.06m = 19.59m

zone, o = 33.06m

zoney o zoney o 5
= Hl_e-zonel_e~ zoney o + T + H2.G~T =1.204 x 10"-kNm

3
o= Hj g-zone|  + Hy ,-zone,y . =4.478 x 10"-kN

X24 = 0m,0.01m.. 33.06m

-X2

€

xlg = 33.06m,33.07m.. 52.65m
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Moment distribution when the concepts are subjected to wind from east

-kNm

60 . . M ((52.65m)
M| (47.9m) 5
M (44.3m) 0| 2.981011
M| (40.3m) 1| 1015103
103
M, (36.7m) 2 3.138:10
40 7 ' 3 6.864°103
My eG3:0m) | g T 1 145104
*2e My (295m) | [5] 1727104
xl, M, = | My o(25.9m) 6| 2407-10*
— M (223 7 3.2:104
i | 2(223m g 4.1-10%
M; (18.7m) 9| 5.106°104
M, .(15.1m) 10| 6.219-104
104
M, (11.5m) 11 7.438'10
' 12| 8.763:10%
Mpe(79m) | 93] 102105
0 L . M, .(43m) 14| 1.204'10°
7 8 8
0 5%10 1x10 1.510 M, ,(Om)
MZ.e(Xze)’Ml.e(Xle)
D8.1.3.4 Applied moment for reference building when wind from east
Characterisitic equivalent force from ¢ 1536 kN le _ 15.908 kN
unintended inclination (value taken uekref = 153 m 36m  m
from table above)
Wind expressed as a distributed ] 3 kN
load along the core Hl.e.ref = I'SIG'WI.G + fue.k.ref = 100.638- m
kN
H) e ref = 15leWp ¢ + fye kref = 92'753';

Support moment

zoneq zoney s
Mg eref = Hi ¢ ref Z0n€] ¢7| Z0N€) ¢ + - )7 H2.e.ref’T = 1.352 < 10"-kNm

Reaction force

3
Vaeref = Hi g refzone) o + Hy o refzoney o = 5.038 x 10°-kN
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Moment distribution for the lower part

2
x2 e

M2.e.ref(X2e) = Maeref + H e ref 5 VaerefX2e

2
zoney (xle - zonez.e)
Ml.e.ref(XIe) = Maeref  Hp e ref Z0n€) ¢7| X1 — ) + Hy e ref ) ~ VaererXle

Moment distribution when the reference building is subjected to wind from east

o | | M ¢ rof(52.65m)
Ml.e.ref(47'9m) 0
M| ¢ ref(44.3m) 0| 2981011
M| ¢ ref(40.3m) 1 1.135°103
2| 3.508:103
M (36.7m)
Leef 3| 7.675103
40 M e.ref(33-1m) 4 1.28°10%
, My ¢ rof(29.5m) 5| 1.923104
X
c 6| 2.692:104
— Me,ref = Mzeref(259m) = 2 kKNm
xl, y 23 7 3.58:10
— om
2-exef 8| 4589104
" i M) ¢ ref(18.7m) 9| 5.718-10%
My ¢ rof(15.1m) 10| 6.968'10%
11| 8.337'104
M (11.5m)
2.exef 12| 9.827-10%
Maeref7-9m) 1 T3] 1.144-105
M) ¢ ref(4.3m) 14| 1.35210°
0 I 7 I 3 3 M2.e.ref(0m)
0 5%10 1x10 1.5x10

MZ.e.ret{XZe) ’ Ml.e.ref{XIe)

D8.1.4 Lateral deflection

Below the lateral deflections of each floor are calculated according to the equation that was
described earlier.
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Concepts (wind from north)

r4.3m

Om

~7.9m

oJ

Om

r11.5m

Om

r15.1m

Om

r18.7m

Om

r22.3m

Om

r25.9m

Om

r29.5m

Om

r33.1Im

Om

n

an

ly

Mn3

M
y

ly

MnS

M,

M
Iy

1
«(4.3m — x) dx

«(7.9m — x) dx

«(11.5m — x) dx

«(15.Im — x) dx

«(18.7m — x) dx

6
«(22.3m - x) dx

«(25.9m — x) dx

«(29.5m — x) dx

«(33.Im — x) dx
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Concepts (wind from east)

r4.3m

Om

r7.9m

oJ

Om

r11.5m

Om

r15.1Im

Om

r18.7m

Om

r22.3m

Om

r25.9m

Om

r29.5m

Om

r33.1Im

Om

M

1
—-(4.3m - x) dx
= )

M,

2
—(7.9m - x) dx
EI,

3
—(11.5m — x) dx

4
—(15.Im — x) dx

‘s
—(18.7m — x) dx
EIZ

M,

6
—(22.3m - x) dx
EI,

M

7
—(259m - x) dx
EI,

M,

8
—(29.5m — x) dx
El,

M,

9
—(33.Im — x) dx
El,




r36.7m
M
Mo
<(36.7m — x) dx
Iy
“Om
r40.3m
M
«(40.3m — x) dx
“Om
r44.3m
n
12
«(44.3m - x) dx
Iy
“Om
r47.9m
M
M3
«(47.9m - x) dx
“Om
[‘52.65111
n
14
J «(52.65m — x) dx

Reference building (wind from north)

[ r43m
Mn.ref
-(4.3m - x) dx
EIy
“0m
r7.9m
Mn.ref
(7.9m — x) dx
M
Y 0m
r11.5m
Mn.ref
-(11.5m - x) dx
M
“0m
r15.1m
Mn.ref
-(15.1m - x) dx
M
Y 0m

r36.7m
e
10
<(36.7m — x) dx
z
“0m
r40.3m
Men
«(40.3m — x) dx
z
“0m
r44.3m
e
12
«(44.3m - x) dx
z
“0m
r47.9m
M
13
«(47.9m - x) dx
z
“0m
[‘52.65111
e
14
J -(52.65m — x) dx
EI
z

Reference building (wind from east)

[ (43m
Me.ref1
B, (43m — x) dx
“0m
~7.9m
Me ref
(7.9m — x) dx
I
“0m
r11.5m
M ref
-(11.5m - x) dx
L
Y O0m
r15.1m
M ref
-(15.1Im - x) dx
I
Y O0m




Up ref =

r18.7m

Om

r22.3m

Om

r25.9m

Om

r29.5m

Om

r33.1m

Om

r36.7m

Om

r40.3m

Om

r44.3m

Om

r47.9m

oJ

Om

M

n.ref
-(18.7m — x) dx
y
Mn.ref
+(22.3m - x) dx
M
Mn.ref
+(25.9m - x) dx
y
Mn.ref
+(29.5m - x) dx
M
Mn.ref
-(33.Im - x) dx
M
Mn.ref
——(36.7m — x) dx
EIy
Mn.ref
«(40.3m — x) dx
M
Mn.ref
—(443m - x) dx
EIy
Mn.ref

3
— =~ .(47.9m - x) dx
EI

y

r18.7m

Me.ref

Om

r22.3m
Me.ref

Om

r25.9m

Me.ref

Om

u =
e.ref 29 5m

Me.ref

Om

r33.1m

Me.ref

Om

r36.7m
Me.ref

Om

r40.3m

Me.ref

Om

r44.3m
Me.ref

Om

r47.9m

Me.ref

oJ

Om
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-(18.7m — x) dx

+(22.3m - x) dx

-(25.9m — x) dx

+(29.5m - x) dx

-(33.Im - x) dx

——(36.7m — x) dx
E ( )

—(40.3m — x) dx
= ( )

——(44.3m — x) dx
E ( )

3
——(47.9m - x) dx
L ¢ )




52.65m 52.65m
( Mn.ref14 ( M ref
—(52.65m — x) dx -(52.65m — x) dx
" Om Om
Lateral deflection for the Concepts Lateral deflection for the Reference building
0 0
0 2.131-103 0 2.218-10°3
1 0.022 1 0.023
2 0.103 2 0.107
3 0.296 3 0.308
4 0.679 4 0.707
5 1.343 5 1.398
=16 2.399| ‘mm Unref =| 6 2.499| mm
7 3.976 7 4.142
8 6.22 8 6.482
9 9.297 9 9.691
10 13.39 10 13.96
11 19.042 11 19.857
12 25.877 12 26.99
13 36.902 13 38.496
0 0
0 5.366°10~% 0 6-10-4
1 5.597-10-3 1 6.258-10-3
2 0.026 2 0.029
3 0.075 3 0.083
4 0.172 4 0.192
5 0.342 5 0.383
Ue =| 6 0.614| ‘mm Yeref =| 6 0.686( mm
7 1.02 7 1.141
8 1.599 8 1.791
9 2.394 9 2.682
10 3.452 10 3.87
11 4.915 11 5.512
12 6.685 12 7.5
13 9.543 13 10.71
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D8.2 Natural frequency

An approxim ation of the natural frequency of a building can be calculated with the equation below.

2. (i)

D8.2.1 Equivalent lateral load at each floor

Values for the wind load are taken from Appendix C1. The wind load is unfavourable, hence it is
multiplied with 1.5 in the load combination.

3.574 3.598
6.283 6.325
5.718 5.757
5.718 5.757
5.417 5.454
5.098 5.2
4741 | KN 4.946 | KN
Fwindn = 13 4741 | m Fyinde = 1 4946 | m
4.741 4.946
4.741 4.946
4.741 4.946
4.741 4.946
4.741 4.946
5.202 5.427
Equivalent load (wind from north) Equivalent load (wind from east)
Fpi= ln'(Fwind.n) Fo = leFyinde
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D8.2.2 Weight of each floor ton= 1000kg

In this section the weight per storey in the buildings are calculated. Values for the weight of different
members in the buildings are taken from Appendix D3.

D8.2.2.1 Weight of the reference building

Weight of floor and roof per storey

Weight of roof Wroof 2 = 311.904ton

Weight of balcony roof Wroof.1 = 73.486ton

Weight of floor, part 1 Wiloor.1 ref == 91.405ton
Weight of floor, part 2 Wioor.2.ref := 345.42ton
Wroof2
Wfloor.1.ref 0
Wloor.2.ref ¥ Wroof 1 0 311.504
w W 1 91.405
floor.1.ref floor.2.ref 2 418.906
Wfloor.1.ref + Wfloor.2.ref 3| 436.825
Wiloor.1.ref ¥ Wfloor.2.ref 4| 436.825
5 436.825
Wioor.ref == | Wfloor.1.ref ¥ Wloor.2.ref | = ‘ton
oorte 6| 436.825
Wloor.1.ref ¥ Wfloor.2.ref 7 436.825
Wiloor.1.ref ¥ Wfloor.2.ref 8| 436.825
Wiloor.1.ref ¥ Wfloor.2.ref 9| 436.825
w W 10| 436.825
floor.1.ref floor.2.ref 11 436.825
Wfloor.1.ref + Wfloor.2.ref 12| 436.825
Wloor.1.ref ¥ Wfloor.2.ref
Weight of walls and core per storey
Weight of walls on 14th storey Wiall.14.ref = 324.609ton
Weight of walls on 13th storey Wwall.13.ref = 177.33ton
Weight of walls on 12th storey Wiall.12.ref = 242.578ton

Weight of walls on 11th - 1st storey ~ “wallref. = 210.183ton

Weight of concrete core Weore = 128.105ton
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Wwall.14.ref

Wwall.13.ref

Wwall.12.ref
Wwall.ref.
Wwall.ref.

Wywall.ref,

Wywallref = | Wwall.ref, Weoren™

Wwall.ref.
Wwall.ref.
Wwall.ref.
Wwall.ref.

Wywall.ref,

Wwall.ref.

%%

%%

%%

%%

%%

\%%

%%

\%%

W

W

W,

W

W,

core

core

core

core

core

core

core

core

core

core

core

core

core

Weight of each floor in the reference building

Wref = g'(wﬂoor.ref + Wyall.ref * Wcore) =

7.498

3.892

7.743

7.601

7.601

7.601

7.601

7.601

7.601

VI (N|ofnn|hAh|W|IN|H]|O

7.601

—
o

7.601

[y
[y

7.601

—
N

7.601
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D8.2.2.2 Weight of Concept building

Weight of floor and roof per storey
Weight of roof

Weight of balcony roof

Weight of floor, part 1

Weight of floor, part 2

Weight of walls and core per storey

Weight of walls on 14th storey
Weight of walls on 13th storey
Weight of walls on 12th storey
Weight of walls on 11th storey
Weight of walls on 6th - 10th storey
Weight of walls on 2nd - 5th storey

Weight of concrete core

Wroof.2
Wfloor.1
Wroof.1 T Wfloor.2
Wfloor.1 T Wloor.2
Wfloor.1 * Wfloor.2
Wfloor.1 T Wloor.2
Wioor = | Wfloor.1 * Wfloor.2
Wfloor.1 * Wfloor.2
Wfloor.1 T Wloor.2
Wfloor.1 T Wloor.2
Wfloor.1 * Wfloor.2

Wloor.1 T Wloor.2

Wloor.1 T Wloor.2

Wroof2 = 311.904-ton

Wroof 1 = 73.486-ton

Wiloor.1 = 23.53ton

Wiloor.2 == 88.92ton

Wyall. 14 = 46.97ton
Wyall.13 = 25.662ton
Wyall.12 = 35.1ton
Wyall.11 = 30.413ton
Wyvall.6 = 39-624ton
Wyall.2 = 45.18ton

Weore = 128.105ton

Wwall.14
Wwall.13
Wywall.12
Wwall.11
Wwall.6
Wwall.6
Wyall = | Wwall.6
Wwall.6
Wwall.6
Wwall.2
Wwall.2

Wwall.2

Wyall.2
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Weight of each floor in the concepts

W= g'(Wﬂoor + Wyall * Wcore) =

0
0| 4.776
1 1.739
2| 3.193
3| 2.657
4| 2748
5| 2.748
6| 2.748
7| 2.748
8| 2.748
91 2.802
10| 2.802
11| 2.802
12| 2.802

D8.2.3 Natural frequency

The natural frequency is calculated according to the equation extressed above.

D8.3.2.1

Wind from north

12
Furefn = Z (Fn.'un ref-) - 2.033x 10
1 S|
i=0
12 5 4 3k
m -Kg
Wu = Wy - = 1125 10 ——=
refn Z [ ref; (un.refi> J )
i=0 s
P
Natrual frequency refn = 5 -
Wind from east
12 3
Fofe = Z (Fe'~ue ref) = 6.621x 10°J
: 1 T
i=0
12
3 ke

2 m -
Wupefe = Z [Wrefi'(ue.refJ J = 866.35 )

i=0

Natrual frequency

S

f1ref.e

1

o 2~’IT'
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g Fuery
Wu

ref.n

g Fuefe

Wu

refe

Natural frequency of reference building

= 0.67-Hz

= 1.378-Hz

i=0.12



D8.3.2.2 Natural frequency of concept

Wind from north

12

4

Fup = Z (Fni~uni> =1.95x10'J
i=0

12 ; s ke
Wu,, = Z [wi-(unJ } = 3.809 x 10 ——=
i=0 s
1 |&Fuy
Natrual frequency f,=— = 1.128-Hz
2.t | Wuy,
Wind from east
12 3
Fug:= " (Fei~uei> =5.907x 10°J
i=0
- 2 m3 kg
Wue = )" [Wi(uei) } = 253.73—
i=0 s 1 g'Fu,
Natrual frequency fe = P W, = 2405-Hz
D&.3 Along-wind induced acceleration

An approximation of the along-wind induced acceleration of a building is calculated with the equation
below which can be found in SS-EN 1991-1-4 and the Swedish National Annex.

31, (H)R-gy(H) bcpdy o(2)"

Along-wind induced acceleration a:=
m
0
The variables in the equation are stated below.
06 "
Peak factor ky = V2-In(v-T) + ———
\/2~ln(v~ T)
]
, R
Up-crossing frequency vi=f
B2 + R2
]
Resonance part of response R” =
Ss + Sa



Size effect of the building

Size effect of the height of the building

Background excitiation

Wind energy spectrum

Mean wind velocity at the top of the

building
Height of the building

Reference height

D8.3.1
Width of the building

Referencevelocity for the wind

P, =
b
1 3.2:f,b
Vm(H)
1 1
P, =
h
1 2£:h
Vm(H)

2 H ( bj
B :=exp|-005——+(1-—1|
href H

o |w

(1 + 70.8-y02)

1
150-f,

Vi(H)

Ve =
Vin(H)

H:= 52.65m
MV
hef = 52.65m

by, := 33.06m

. m
Vb = 25?

Factor to change the wind velocity to a gsyear = 0.855

velcoty that has a retumn period of

5 years

Factor to change the wind velocity to a
velcoty that has a retumn period of

1 year (taken from
Bjertnaes & Malo (2014))

Wind velocity for the dynamic analysis, Vin = gsye ar' Vb
use the 5 year return value or the yearly

return value.

m
19.13 —
lyear =

262
S
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5 _ 0736

m
=21375—
S

0.04 + 0.01.——
h1ref

Acceleration of concepts when wind from north
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D8.3.1.1 Deflected mode shape and equivalent building mass
Deflected mode shape (Section F.3 in SS-EN 1991-1-4)

Central reinforced concrete cores £:=15

7 := 0m,0.05m.. 52.65m
MA

13
Deflected mode shape D (2) = (Ej
H

Equivalent building mass (Section F.4 in SS-EN 1991-14)

Total weight of Concept 3 (value mjy = 6.205~106kg
taken from Appendix D3)
m
Weight per unit length my o= = = 1.179 x 10Sg
) H m
H
( ®,(2)°d
J m3.S l(z) Z
Equivalent buildling mass mg == Om
rH
®(2)" dz
“Om
D8.3.1.2 Peak factor
B 0.05 H +11 n 0.04 + 0.01 H 0.984
Background exitiation n= [OXpTOL T TR eI | e
9 B hrep H href
B, = 0.969
Resonance part of response
(Section F5 in SS-EN 1991-1-4 and
the Swedish National Annex, _ 150m-f, _ 7013
EKS 9 chapter 1.1.4) Yen = v -
m.n
. 4Yen
Wind energy spectrum Fosn= = 0.029
6
(1 +70.8'y, )
By = 0152
Size effect of the building ban ™ 3.2.f b, =015
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Size effect of the height of the building Py n= + =0.153

£
1+
Vm.n
; d.:=0.075 assumed from table Table F.2in
S
Structural damping factor SS-EN 1991-14
]
crpbv,
Aerodynamic damping factor 8, = 7 mn
2fnm0
Air density p= 3
m
Force coefficient cpp = 2.06 Y= 1
A,:= 14 E =223
n . b, .
3 2 2
A p= H-b,=1.741 x 10" m A= 6mH=3159m
. An .
o= S = 0181 Py = 0.96
c.n
Cfn= Cf.()'ll)r'll))\ =1978
0 PbyVmn -3
an=————— =6.572x 10
2fnm0
27 Fes n Phn Phin
Resonance part of response R, = =0.227
SS + 6&.1‘1
R, = 0052
]
— f Rn
Up-crossing frequency Yn = o’ 5 3
\/ (B +R
(- 0254
V., .= . = 0. -
n n > 5 S
B, +R,

Averaging time for mean wind velocity /}"W = 600s

0.6
Peak factor Kpun =20 T) + T 336
n
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D8.3.1.3 Acceleration
(From the Swedish National Annex, EKS9 chapter 1.1.4).

Turbulence intensity L, = 0.194
= l 2 285.557P
Wind peak velocity pressure dmn = 5P Vmn T 2022270
3.1, 'R Qe o-b e P (H)
Acceleration when wind from north a_ = kp Yo nmn i fn 1 = 0.07E
n .n m() 2

N

D8.3.2 Wind from east for Concept buildings

Width of the building bg = 37.285m

Wind velocity for the dynamic analysis Ve = §5year'Vb =21.375 =
: S

D8.3.2.1 Deflected mode shape and equivalent building mass

Deflected mode shape

Central reinforced concrete cores £E=15

z:= 0m,0.05m.. 52.65m

13
Deflected mode shape P o(2) = (Ej
: H

Equivalent building mass m3 = 6205 x 10°kg
5k

g
m,y .= 1179 x 10—
3s m
g
m

K
my = 1179 x 10°~2

D8.3.2.2 Peak factor

. H be H
Background exitiation B = |exp|-0.05—— +| I - E -1 0.04 + 0.0l — || = 0.982

h1ref h1ref

2
B, = 0.965
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Resonance part of response
(Section F5 in SS-EN 1991-1-4 and
the Swedish National Annex,

EKS 9 chapter 1.1.4)

Wind energy spectrum

Size effect of the building

Size effect of the height of the building

Structural damping factor

Air density

Force coefficient

Aerodynamic damping factor

Resonance part of response

150m-f,
Yoo = = 16.875
Vm.e
4+Yee
Fogo= =0.017
: 5
6
(1 + 70.8~yc_ez)
[} = = 0.069
be 32-f,b,
1+
Vm.e
Py L= = 0.078
h.e £ H
1+
Vm.e
&g = 0.075 assumed from table Table F.2in
SS-EN 1991-1-4
kg
=125—
. 3
m
Cfoe = 2.12 1|)r: 1
H
A.=14-— =1.977

[¢]

3 2 2
Ac.e = H~be =1963x 10" m Ae =32m-H=16848m

Ae
o= = 0.086 Py o = 0.99

c.e
Cfe = C£0.e VrPne = 2099

Ce P DeVme -3

e = — " = 3.689x 10
2fem0

2 Fog 0Py o Ph e

R, = - 0.087
B + 8y ¢

R, =7527% 10 °
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Up-crossing frequency

Vg 1= fe'

Averaging time for mean wind velocity NTW = 600s

Peak factor

D8.3.2.3 Acceleration

Turbulence intensity

Wind peak velocity pressure

Acceleration when wind from north

D8.3.3

Width of the building

0.6
=21 ‘T) + ————==3.305
‘pe =2 T) * )

I, o= 0.194
1 2
Imei= 5 P Ve = 285.557Pa
31y e R ebe e @ o(H) m
ag = kp e =0.032—

Wind from north for Reference building

b, =33.06m

Wind velocity for the dynamic analysis v n = 21375 =

D8.3.3.1

Equivalent building mass

D8.3.3.2 Peak factor
Background exitiation

Resonance part of response

m
S

Deflected mode shape and equivalent building mass

m.pi= 1274 107kg

Myef 5kg
m = =242x 100 —
ref.s H m
H
f 2
Mper s Py(2) dz
JO
n m
mg ref -= -
2
®(z) dz
Om
B, = 0.969
150mf, o
Yerefn = =4.702
Vm.n

D8:26

S



Wind energy spectrum

Size effect of the building

Size effect of the height of the building

Structural damping factor

Air density

Force coefficient

Aerodynamic damping factor

Resonance part of response

Up-crossing frequency

4Ye refn

Fesrefn = 5 =0.041
N
(1 + 708V, rofn )
@ e _0m
b.refn - 3'2'frefn'bn .
l+ —
Vm.n
@ S — 0.233
h.refn-~ =0
2'flref.n'H
1+ —
Vm.n
O ref = 0.1 assumed from table Table F.2in
' SS-EN 1991-1-4
kg
p=125—
o
cpp = 2.06
br=1 (The same as for the concept)
'Ll))\ =0.96

Cfrefn = C£0'1|)r'1|))\ = 1.978

Cfrefn P Pn'Vmn

-3
) = =5387x 10
a.ref.n
2'flref.n'mO.ref
2:1Feg refn ®b.refn Phorefn
Riefn = = 0.363
Ss.ref + Sa.ref.n

2
Ryefn = 0.131

Rref.n

Vrefn = frefn’ >

Bn+R
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Averaging time for mean wind velocity T = 600s

0.6
Peak factor Ky refn = 2 (Ve T) + —— = 3.332

2 . ln Vref.n' T
D8.3.3.3 Acceleration

Turbulence intensity [, , = 0.194
Wind peak velocity pressure Am.n = 285.557 Pa
3-1, R “Qpn n°bpC -® 1 (H)
Acceleration when wind from north a = v refn Tm.n ' frefn 1 = 0.054E
ref.n kp.1ref.n 5
Mg ref S

D8.3.4 Wind from east for Reference building
Width of the building b, =37.285m

Wind velocity for the dynamic analysis Ve = 21.375 =
: S

D8.3.4.1 Deflected mode shape and equivalent building mass

Equivalent building mass mop=1274% 10 ke
skg
m .= 242x 10°—=
ref.s m
k
Mg rof = 242 % 1072
! m
D8.3.4.2 Peak factor
Background exitiation B, = 0.965
Resonance part of response
150m-f
refe
yc_ref_e = = 9.669
Vm.e
4.y
Wind energy spectrum Fes refe = crete = 0.025
ref, s
) 6
(1 + 70.8Y, refe )
® N P
Size effect of the building b.refe ™ 32.f o b
“refe Ve
1+
Vm.e
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Size effect of the height of the building Pprefe = — = 0128

2 frefe
1+
Ym.e
Structural damping factor 8 rof = 0.1 assumed from table Table F.2in
' SS-EN 1991-14
Force coefficient Cf0.refe = 212
Pp=1
'l|)>\.e =0.99

Cfrefe = Sf0.refe VrPne = 2:099

Cfrefe P Pe Vm.e 3

Aerodynamic damping factor ) =3.136x 10

a.refe =
2 f1ref.e'mO.ref

Resonance part of response

= 0.151

d

R 2 Fos refe Pb.refe Phrefe
refe -~
sref * 6a.1ref.e

2
Riefe = 0.023

Rref.e 1
=0.209—
2 S

refe

Up-crossing frequency f

Vrefe = Irefe’
Be + R

Averaging time for mean wind velocity T = 600s

0.6
Peak factor Ky refe = \/2'lni Veefe'T) + ———= = 3.302

2-In| Vrefe'T

D8.3.4.3 Acceleration

3.1, R “q o' DaC -®; (H)
Acceleration when wind from north Arefe ::kpref.e' ve refeme ‘e “frefe “le :0.027E

M ref 52
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D8.4

Acceleration for the Concepts

Acceleration for the Reference building

Natural frequencies for the Concepts

Natural frequencies for the Reference
building

Top lateral deflection for the Concepts

Top lateral deflection for the Reference
building

Summary of the results

Wind from North

m
a, =0.07—

N

m

= 0.054 —
2
S

Arefn

f = 1128 Hz

f

refn = 0.67-Hz

= 36.902-mm
un13

un.ref13 = 38.496-mm

D8:30

Wind from East

0.032 2
a, = V. i
(5] s2

m
=0.027—
2

S

Arefe

fo = 2.405-Hz

f

refe = 1378 Hz

u = 9.543-mm

u = 10.71-mm
e.ref13



Appendix D9: Sectional forces in the core

Load combinations in these calculations have been performed according to Eurcode 0 and the
Swedish National Annex, EKS 9. The results are presented in Section 7.2.

Number of floors

Second moment of inertia when wind
from north

Second moment of inertia when wind
from east

Centre of gravity of the core when
wind from north

Centre of gravity of the core when
wind from east

Cross-sectional area of the
concrete core

D9.1

n:= 14
ly = 11lm
l,:=8.8m

4
I,:= 106.035m

Ie = 485.954 m4

Z, = 4.119m
Zg = 5.183m

2
Acore = 12.45m

kNm := kN-m ton ;= 1000kg
MW

(Values taken from Appendix D 8)

(Value taken from Appendix D7)

Moment due to lateral loads

The moment in the bottom of the building is taken from Appendix D8.

Applied moment in the When zelf-weightis When self-weight is favourable
hottom of the building unfavourable

Wind from east, referance 1,352 = 10° kNm 1,257 x 10° kNm
bulding

Wind from east, 1.202 % 10° kNm 1.154 % 10° kNm
Concept 3

Wind from east, 1.204 % 10° kNm 1.155 % 10° kNm
Concept4

Wind fromnorth reference 1.06 = 10° kNm 1.018 = 10° kNm
bulding

Wind fromnorth, 1.014 = 10° kNm 9.821 % 10° kNm
Concept 3

Wind fromnorth, 1.016 % 10° kNm 9.831 x 10 kNm
Concept4

Moment when wind from east

Moment when wind from north

<
i

=
[
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D9.2 Self-weight of the concrete core

The weight of the concrete core is taken from Appendix D7.

Total weight of the core 1.922. 103ton

Meore =

Load from core = 1.885 x 104~kN

Aeore = &Meore

D9.3 Sectional forces in the reference building

The areas are defined as in the figure below.

Reference building Afloor.] = 8:8m-1.1m = 9.68-m2

2
l Afloor.2.ref = 8.8m-4m = 35.2m

2
X Afloor 3 ref = 10.7m:2.15m = 23.005m

2
Afoor 4 ref = 10.7m:1.0m = 10.7m

2
Afloor.tot.ref = AMloor.1 T Afloor.2.ref T Afloor.3.ref + Afloor.4.ref = 78-585m

kg .
Self-weight of floor Plloor.ref = 475—2 (Value taken from Appendix D7)
m
3
Load from floor Afloor.ref = n'g'pﬂoor.ref'Aﬂoor.tot.ref =5.125x 107-kN
D9.3.1 Load combination for the reference building

When self-weight and imposed loads are taken as favourable the self-weight should be multiplied
with 0.9 and imposed loads should not be considered. If unfavourable self-weight shopuld be
multiplied with 1.1 and imposed load with 1.5. The worst case has been found to be when they are
considered as favourable. Therefore the imposed load are not included in the expression below.

4
Nref = 0.9-(dgore * Ufloor.ref) = 2158 x 10 kN
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D9.3.2 Check of tension forces in the concrete core

Wind from north Wind from east
Neer My Neef Mg

Orefn="—_+ —~(zn) = 2.221-MPa Orefe'= —— + —.(1y_ Ze) = —0.228-MPa
ACOI‘G I1’1 ACOI‘G Ie

D9.4 Sectional forces in Concept 3

Concept 3 and 4

2
1 Afloor.3.1 = 9-68m

2
Afloor.3.2 = 37-1m

2
Afloor.3.3 = 33.0m

2
Afloor.3.4 = 23.3m

2
Afloor.tot.3 = Mloor.3.1 T Afloor.3.2 T Afloor.3.3 T Afloor.3.4 = 103.08 m

- 1002
Self-weight of timber floor Pfloor = 5
m
3
Load from floor Afloor.3 = M Pfloor & Afloor.tot.3 = 1415 x 107-kN

D9.4.1 Load combination for Concept 3

When self-weight and imposed loads are taken as favourable the self-weight should be multiplied
with 0.9 and imposed loads should not be considered. If unfavourable self-weight shopuld be
multiplied with 1.1 and imposed load with 1.5. The worst case has been found to be when they are
considered as favourable. Therefore the imposed load are not included in the expression below.

4
Nj3:= o.9~(qCore + qﬂoors) = 1.824x 10 -kN

D9.4.2 Check of tension forces in the concrete core
Wind from north Wind from east
N3 M, N3 M,
03 = o + I—n~(zn) = 2.49-MPa 03 0= o + I—e~(1y ~ 2¢) = 0.04-MPa
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D9.5 Section forces in Concept 4

Concept 3 and 4

2
1 Afloor.4.1 = 9:68m

2
Afloor.4.2 = 37.1m

2
Afloor.4.3 = 33.0m

2
Afloor.4.4 = 7.6m

2
Afloor.tot.4 = AMloor.4.1 T Afloor.4.2 + Afloor.4.3 + Afloor.4.4 = 87.38m

Load from floor Afloor.4 = ™ Pfloor & Afloor.tot.4 = 12 % 103-kN

D9.5.1 Load combination for Concept 4

4
Ny = 0.9-(dggre + dfigor.4) = 1:804 x 107 kN

D9.5.2 Check of tension forces in the concrete core
Wind from north Wind from east

= _N4 & = 2.505-MP = _N4 & | = 0.055-MP
o4 = Ao + o .(zn)_ .505-MPa 04 o= A + L ~(y—ze)— .055-MPa
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